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Summary 

The theory of structural robustness has only recently emerged in the 

field of structural civil engineering, as a consequence of both minor and 

major collapses, one of which being the World Trade Center terrorist attack 

(New York, 11th September 2001). 

Normally, buildings are designed to withstand normal actions, whose 

types and intensities are defined according to the building’s importance. In 

reality, structures are not always able to withstand exceptional events, such 

as impacts, explosions, and fires; these scenarios have a low probability of 

occurring, but can have catastrophic results in terms of loss of life, 

environmental, economic, and patrimonial damage, as well as disruptions to 

public utility services. 

By definition, structural robustness is an intrinsic characteristic of a 

structure and indicates its ability to avoid disproportionate or progressive 

collapses as a result of local damage. A structure is thus considered to be 

robust when, after the loss of one or more sections, it is able to establish other 

load paths and properly redistribute the forces to the remaining portions of 

the structural whole. 

In this work of thesis, a probabilistic method is used to evaluate the 

robustness of a reinforced concrete building. This is done because a 

reliability evaluation of the issue may be useful talking about robustness 

analysis. This is done in order to take into consideration the uncertainties that 

can impact structural performance. 

Two different frames are analysed, designed in an area of high 

seismicity according to the directives of the Italian and European regulations. 

The former has been designed according to code rules while the latter has 

been improved following other prescriptions, coming from previous 

experimental studies, to enhance structural robustness. Some changes were 

made relating to the geometry of the beams, the arrangement and continuity 

of the reinforcing bars, and the stiffness lateral of the structure. 



 

 

One hundred different samples of the materials and load characteristics 

for each frame were taken into account applying a probabilistic approach, the 

Latin Hypercube Sampling (LHS). 

A FEM software, called ATENA 2D, has been used. The main analyses 

that have been performed, for all the one-hundred scenarios for each frame, 

are of two types: a pushdown analysis and a reliability analysis. The former 

was necessary to compute the dynamic amplification coefficients, to be 

applied to the loads in the second type of analysis, after the column is 

removed. The latter is needed for the reliability evaluation of the structural 

robustness.  

These dynamic amplification coefficients, which varied for each of the 

one hundred situations, were analysed using a technique given by Izzuddin 

et al. [1], which involves performing a pushdown analysis. The latter results 

in the static imposition of a monotonically increasing vertical displacement 

at the point of column removal, obtaining, as a result, at each step the strength 

that the rest of the structure is able to provide at the point itself. The resulting 

curves are the so-called load-displacement capacity curves, through which it 

was possible to become aware of the best behaviours in the different cases 

treated, with the aim of providing design indications and strategies useful for 

structural robustness. In reference to amplification coefficient once again, 

this refers to the point where the curves representing the internal energy and 

the external work meet. The structure will reach collapse if the equilibrium 

cannot be established (that is, if the curves do not intersect), which has 

happened for almost the 80% of the “weak frame” cases. 

After that, the reliability analysis was carried out for each of the one 

hundred different scenarios for each frame, which made it possible to 

validate the procedure that Izzuddin had proposed; all of the scenarios in 

which the equilibrium could not be reached did not effectively meet 

convergence criteria in the probabilistic analysis, which confirmed the results 

of the initial phase. 

In the end, the strains at different points of frames’ sections were 

monitored to determine the local probability of failure. This was done for 

both the concrete and the reinforcing components of the structures. As a 



 

 

direct consequence of this, a global reliability evaluation and a critical 

comparison between two different designing criteria were carried out. 
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Preface 

Mechanical strength, functionality, stability, ductility, and durability are the 

traditional fundamental characteristics of a structure. To meet specified needs, 

these qualities may typically be managed using standardized design techniques. 

As a result, structural designers have traditionally concentrated on cost 

efficiency while satisfying regulatory standards. However, during their service 

life, structures may be subjected to some unusual and unanticipated occurrences, 

such as crashes, explosions, or fires. These incidents often produce minor 

structural damage, which might progress into the collapse of a substantial portion 

or possibly the entire building. 

Recent occurrences have shown how dangerous it is to presume that structures 

designed for regular conditions can resist unexpected or unintentional load levels. 

The ability of a structure to avoid, or at least substantially limit, this type of 

collapse, is called structural Robustness, and today represents a further 

requirement to be considered in the fundamental characteristics of a structure, 

which becomes particularly important and urgent in the case of critical or strategic 

structures with regard to Civil Protection. 

Recently, structural civil engineering has shown a growing interest in 

structural strength. As a result, many experimental and numerical studies as well 

as the majority of technical standards have been conducted. Although these studies 

do not indicate actual quantitative analytical evaluations, they have revealed 

design-type criteria and procedures that should be followed in order to strengthen 

the structures. 

Reliability analysis may be a highly effective approach for evaluating a 

structure's robustness. To do this, a probabilistic analysis may be performed in 

order to assess the local probability of failure, which can then be transposed to the 

global scale in subsequent analyses. 
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A reinforced concrete building built following seismic standards has been the 

subject of a probabilistic study for the purposes of this thesis. Different options 

for the structural design have been presented, particularly with regard to the 

longitudinal reinforcement, as previous tests on the same structure have shown 

that capacity design is unable to provide enough robustness.  

The Chapter 1 concerns the fundamental concepts surrounding structural 

robustness, in particular, the term's meaning in accordance with several code 

standards is provided. The notions of accidental events and risk scenarios are then 

illustrated, and solutions for risk reduction are deepened. 

The Chapter 2 deals with key aspects about structural reliability. The 

dissertation then analyses reliability analysis techniques with a focus on the 

reliability target before coming to a conclusion with safety format aspects. 

The Chapter 3 is about the design process for the analysed structure, 

particularly, recommendations for capacity design are followed. The definition 

and quantification of actions come after a consideration of the material properties 

and durability features. The structural dimensioning and verification using SLS 

and ULS are then shown. 

The Chapter 4 is a description of the program ATENA 2D that is separated 

up into two sections: pre-processing and post-processing. Basic information on 

material, shape, load, and support modelling is provided in the former. The output 

and graph tools are described in the latter. 

The Chapter 5 is about the fundamental variables sampling, all involved 

distributions are illustrated. It presents the description of the basic actions and 

materials sampling according to the Latin Hypercube Sampling (LHS). 

The Chapter 6 is about the core of this work of thesis: reliability analysis to 

evaluate the robustness of the structure under analysis. The fundamentals of the 

finite element model are initially specified in terms of the mesh, material, and 

geometry. Then, Pushdown Analysis and Reliability Analysis will be provided as 

the two key analyses. In order to estimate the local and global probability of 

failure, the reliability analysis' results are elaborated in terms of the principal total 

strains. This made it possible to calculate the structure's structural reliability. 
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1 Structural Robustness 

Before explaining the analysis performed for this thesis work, it is necessary 

to clarify the idea of robustness thoroughly. This is the goal of the subsequent 

chapter, which begins with a description of robustness, analyses accidental acts 

and risk scenarios, then discusses risk reduction tactics, not proportional collapse 

and progressive collapse notions, and finally robustness design. The entirety of 

the material in this chapter is based on the DT 214 of 2018[4], "Istruzioni per la 

valutazione della robustezza delle costruzioni," a report created by the CNR 

(National Council of the Researches). 

1.1 Concept of robustness 

Different definitions of robustness may be found in the literature of the 

various domains of study and technology, such as computer engineering, statistics, 

ecosystems, etc. For instance, in statistics, a technique is regarded as robust when 

it is insensitive to tiny fluctuations in parameters (Adam et al, 2018). 

Given the broad scope of structural strength in the subject of structural civil 

engineering, it is difficult to provide a clear description. Various definitions of 

progressive collapse, disproportionate collapse, and robustness have been 

suggested in research papers, publications, building regulations, and guidelines 

after many years of study and applications on the evaluation and application of 

risk mitigation with respect to extraordinary loads on buildings. Even while 

professional engineers and other stakeholders, such as construction contractors, 

owners, credit institutions, insurers, governmental organizations, and emergency 

planners, require a widespread consensus on language and particularly methods, 

this is still not the case. 

1.1.1 Definition 

In accordance with what is required by the coding standards, specific sorts of 

actions and combinations are employed while designing a structure. These 

activities include seismic loads, fluctuating loads, and permanent loads. The goal 

is always to achieve a given level of safety, which is based on the significance of 
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the building and the potential effects of a certain damage. Additionally, code 

regulations dictate that structures ought to be sufficiently strong. In this contest, 

the capacity to prevent disproportionate damage—damage that shouldn't be 

excessive in relation to the extraordinary action that has produced it—is described 

as a structure's robustness with regard to an exceptional action. The adjective 

extraordinary denotes that the activity was not planned for, or that it was planned 

but with a reduced intensity. 

1.1.2 Robustness in current regulations 

The Eurocode – Basis of structural design, in § 2.1 indicates that a structure 

must be designed and executed in such a way that it is not damaged by events such 

as explosion, impacts and consequences of human errors, to an extent 

disproportionate to the cause of origin.  Potential damage shall, as a rule, be 

limited or avoided by the appropriate choice of one or more of the following: 

- avoiding, eliminating or reducing the risks to which the structure is 

exposed; 

- choosing a structural form that is poorly sensitive to the risks considered; 

- choosing a structural form and design scheme that can adequately 

withstand the exceptional elimination of an element; 

-  avoiding as much as possible structural systems that can collapse without 

warning; 

- providing the structure of adequate chaining. 

Eurocode 1 – Actions on structures - Part 1-7: General actions - Accidental 

actions, at § 3.2 means various approaches to ensuring that the property possesses 

such property, including: 

- design of some "key components " to increase the probability of survival 

of the structure after an exceptional event; 

- design of adequate construction details and with ductile materials and 

structural elements; 

- realization of a sufficient hyperstaticity in the structure to facilitate the 

transfer of actions by exploiting alternative load paths. 

In Italy, the New Technical Standards for Construction of 2018, in § 3.6 

classify exceptional actions as those that occur during events such as fires, 
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explosions and impacts and states that it is appropriate that the buildings possess 

an adequate degree of robustness, depending on the intended use of the 

construction, identifying or risk scenarios and actions exceptional relevant to its 

design.  Therefore, in § 2.2.5 they suggest several design strategies to refer to 

ensure an adequate level of robustness: 

- design of the structure able to withstand exceptional actions of a 

conventional nature, combining nominal values of exceptional shares with 

other explicit project actions;  

- prevention of the effects of exceptional measures to which the structure 

may be subject or reduction of their intensity; 

- adoption of a structural form and typology that is not very sensitive to the 

exceptional actions considered; 

- adoption of a structural shape and type such as to tolerate localized damage 

caused by an exceptional action; 

- realization of structures as redundant, resistant and / or ductile as possible; 

- adoption of control systems, passive or active, suitable for the actions and 

phenomena to which the work may be subjected. 

Last but not least, the fib Model Code 2010 [2], at 3.3.1.3, notes that 

robustness plays a significant part in a structure's capacity to preserve its 

functioning when unexpected actions are present or as a result of human mistake. 

It highlights how crucial it is to maintain robustness for the preservation of human 

life, protection of human assets and the environment, and maintenance of 

operations. 

 

1.2 Accidental actions 

Before approaching any type of analysis, it is first necessary to correctly 

define the possible exceptional actions that may affect the construction. 

In general, actions can be defined as forces, acting in a static or dynamic way, 

the magnitude of which depends on the probability of occurrence considered, or 

through the definition of a specific scenario, as in the case of constructions of great 

importance, or of particular exceptional events, such as terrorist attacks, which by 

their nature cannot be treated on a probabilistic basis with classical methods.   
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By definition, an exceptional action is an action, usually of short duration but 

of significant magnitude, with a very small probability of occurrence on a given 

structure during the useful life of the project of the structure itself. 

They are usually related to low-probability and high-consequence LPHC 

(high-probability) those events that, on the one hand, have a much lower 

probability of occurring   than that of normal events and, on the other, can cause 

huge losses, such as victims, repair costs and downtime. 

The main and problematic in the management of such scenarios of actions on 

structures is represented by the difficulty of formulating and identifying risk 

scenarios and the difficulty in ensuring that designing against such actions is 

effectively effective in reducing the possibility of structural collapse. 

1.2.1 Classification 

The exceptional actions are very different from the classic ones considered in 

the design of structures and below is illustrated a classification, defined in chapter 

2 of the Instructions for the evaluation of the robustness of buildings (National 

Research Council  – CNR, 2018). 

First of all, exceptional events can have a natural or anthropogenic origin and 

three categories of dangers can be identified: 

1) dangers deriving from natural phenomena or involuntary human activity: 

the former may be earthquakes, logical meteor phenomena and landslides 

while the latter concern explosions and non-arson; 

2) intentionally man-made actions, such as vandalism and terrorist attacks; 

3) hazards resulting from errors in the design, design or execution of the 

construction. 

From the point of view of the interaction between the event and the 

construction, these dangers can act on the structure such as: 

-  distributed loads of exceptional magnitude; 

- impact loads; 

- accelerations impressed during a seismic action; 
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-  induced deformations and displacements. 

Actions can also be classified on the basis of their duration, although 

exceptional actions are in most cases very short in relation to the useful life of the 

structure; in structural modelling, they can be applied to the structure in a static, 

dynamic way, or with an impulsive trend. 

The way in which the model is built varies according to the type of danger: 

 With regard to Category 1 hazards (of natural origin or arising from 

involuntary human activity), four models should be prepared to assess the effects 

on construction: a model describing, from a statistical point of view, the frequency 

of occurrence of a  given phenomenon, one that describes the effects at a distance, 

another that describes the intensity of the action and how the natural phenomenon 

interacts with the construction, and finally a model that describes the effects of 

any interventions mitigation of the action and consequent  reduction of danger; 

through this procedure is possible to achieve a risk scenario sufficiently suitable 

to formulate an assessment of the structural  response to the scenario under 

consideration. 

For the dangers of Category 2 (vandalism and terrorism), it is not possible to 

take into account the statistics of past events, so they can give indications 

regarding the possible occurrence of an act of vandalism the strategic role of the 

construction, the potential relevance of the attack and the type of service of the 

building; usually in these cases it is not possible to build a model of the intensity 

of the phenomenon as the modes of attack can be varied and diversified. 

The hazards of Category 3 (errors in design, design and construction) cannot 

be treated statistically except, at least in part and in relation to the construction 

aspect, in the case of prefabricated modular constructions; the effects of these 

errors can be mitigated through the control and adoption of a quality and 

verification process in the various phases of design and construction of the work. 

Below is an illustration of some of the possible exceptional actions that may 

affect a structure in the case of natural and anthropogenic hazards. 
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1.2.2 Accidental actions modelling 

Following the classification of the activities, it is required to decide how to 

model these loads in order to explain their intensity, their impacts on the structure, 

assess the risk, and determine the appropriate mitigation measures. The category 

being evaluated affects these models. 

To create a plausible scenario for the Category 1 (hazards with a natural cause 

or unintentional human cause) and better assess the effects on a structure, the 

following is required: 

1.Create a model that describes the event's recurrence frequency. It is not 

always simple to define a model of the occurrences for those events brought 

on by human behaviour. 

2. locate a model that forecasts the consequences 

3. provide a model that explains the action's level of intensity and its 

application (load pressure, impulsive load, ...) 

4. provide a model that illustrates the results of potential risk reduction and 

mitigation measures 

The inability to establish an occurrence model for threats falling under 

Category 2 (vandalism or terrorist activities) stems from the fact that prior 

occurrences are not significant from a probabilistic perspective. Furthermore, 

because human behaviour influences how intense an action is, it might be difficult 

to determine because human behaviour is always changing. The lone exception is 

when someone commits vandalism using explosive explosives, in which case it is 

conceivable to simulate the wave pressure in proportion to the amount of TNT 

utilised. 

In conclusion, Category 3 risks (conceptual, design, and execution faults) 

cannot be handled statistically but may be avoided with quality control procedures 

used both throughout the design and construction stages. 
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1.2.2.1 Natural phenomena or resulting from involuntary human 

activity 

Among the natural phenomena or deriving from involuntary human activity 

are the earthquake, the tidal wave, landslides, floods, tornadoes, fires and 

explosions. 

The earthquake is evaluated by the standards through non-epicentral seismic 

actions, which are obtained considered laws of attenuation of the accelerometric 

components. In the case of epicentral actions, the reduced distance between the 

epicenter and the structure hit by the seismic action does not allow adequate 

damping, and this leads to an increase in substantial with regard to regulatory 

actions, which may therefore be insignificant. 

The tsunami is a natural phenomenon due to underwater movements that 

determine the onset and propagation in the sea of waves that can have a 

considerable height when approaching the coast, leading to widespread flooding. 

Based on the topography of the coastal zone, it is possible to evaluate the extent 

of areas flooded by a tidal wave due to seismic action, as well as the height of the 

sum and the speed of the flow.  The effects on construction, although variable, can 

essentially be attributable to impact pressures caused by the moving flow, by 

concentrated forces due to the debris carried by it, and to hydrostatic thrusts. 

Landslides are phenomena due to the loss of stability and/or cohesion of a 

mass of soil / fractured rock, only of natural origin but sometimes also caused by 

anthropogenic action; the impact force of a landslide is a function of the speed and 

type of the mass of soil concerned  from the phenomenon. 

Flooding is a natural phenomenon due to precipitation or breakage of 

hydraulic works along the hydrographic network which leads to the rise of surface 

water and the subsequent flooding of normally dry areas. The effects of this 

phenomenon on buildings are many: static and dynamic pressures exerted by 

water at rest or in motion, impacts of objects transported by the current, saturation 

of underground soils, localized erosion. 

The whirlwinds are violent air vortices that form at the base of the clouds and 

reach the ground; these meteorological phenomena are generated by a center of 

low pressure around which the air masses rotate producing strong winds and 
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copious precipitation.  The winds that are generated during this type of weather 

phenomena can seriously damage buildings, knock down plants and power lines, 

move cars from the road, etc.  Therefore, during meteorological phenomena of 

such magnitude and power, it is good to consider two distinct actions on 

constructions: the wind pressure on the surfaces and the point forces of impact of 

the objects moved.  

Fires can cause the combustion of structural and non-structural elements; the 

method of calculating the action, the response of structures to fire and prevention 

are extensively detailed in many regulatory documents that can be referred to. 

In explosions, the pressure wave forms a shock surface that moves at a very 

high speed and carries a considerable amount of energy; the arrival of the shock 

wave on a surface, placed at a certain distance from the explosion point, involves 

a quasi-instantaneous increase in pressure. The amount of pressure on the surfaces 

of a building is different in cases of confined and unconfined environment. 

Impacts on structures can be assessed by means of an equivalent static 

analysis or through a dynamic analysis. The forces that the impacting body 

transmits to the impacted structure depend both on the type of impact and on the 

stiffness and deformability of each of the two bodies. 

1.2.2.2 Vandalism and terrorism 

The evaluation of actions due to vandalism and terrorism is much more 

complex than what was indicated above for other types of action, as it is first 

necessary to analyze the intentions and motivations that push individuals, or the 

group, to cause damage to society. 

The objectives of the vandalism action are usually chosen on the basis of the 

degree of difficulty in being able to generate damage, on the basis of the degree 

of protection and surveillance of the facilities/infrastructure, based on the number 

of persons needed to carry out the terrorist act. 

The theory emphasizes the fact that, when primary targets are too protected 

or difficult to attack, the focus shifts to secondary, simpler goals. In general, 

terrorists use similar modes of attack, based on previous attempts that have proven 

effective, until a good mode of attack emerges that turns out to be particularly 

effective. 
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1.2.2.3  Design or execution errors 

Although they are not to be considered in all respects real actions, the mistakes 

that can be made in all phases of design and construction of a structure are possible 

scenarios in respect of which to evaluate the robustness. 

These errors lead to the creation of a structure unsuitable to support the project 

actions, varying the structural behavior with respect to what is indicated by the 

designer. This type of hazard is closely linked to the quality of the process and the 

control procedures used. 

Structural design errors are those that affect the overall behavior of the 

structure subject to the project actions. 

Design errors concern the final performance of the project, including the 

construction details to be carried out on site or in the factory. 

Finally, the execution errors are those concerning the realization of the 

structure, including the links between the elements, by the workers. 

 

1.3 Disproportionate collapse risk 

The meaning of "disproportionate collapse" refers to a collapse whose 

features are severe in terms of extent relative to the event that has produced the 

harm. This concept is sometimes confused with "progressive collapse," which 

occurs when local damage gradually affects the majority or the whole structure 

(like a domino effect). While the first collapse focuses mostly on the magnitude 

of the damage, the second collapse describes the manner in which something 

collapses. 

When dealing with robustness analysis, it is of the crucial relevance to 

determine the degree of risk acceptance associated with a certain occurrence, 

given that risk elimination is impossible. 

1.3.1 The concept of risk 

All exceptional actions can generate stresses on structures capable of causing 

their collapse, consequently, all types of structures are potentially exposed to the 

risk of disproportionate collapse, although each type has a different level of 
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vulnerability to the same. 

The events that can trigger disproportionate collapse on the one hand are 

characterized by very low probabilities of occurrence; in general terms, the risk is 

determined by the combination of three factors, hazard (P), vulnerability (V), and 

exposure (E): 

 

𝑅 = 𝑃(∗)𝑉(∗)𝐸 (1.1)

 
Risk can be differently conceived and perceived by the multiplicity of actors 

involved in decision-making processes. For example, most people tend to be risk-

averse, which implies a low perception of the same, on the other hand, large 

companies often resort to taking out private insurance, in order to neutralize the 

negative consequences of a strongly adverse event. From a social point of view, 

however, communities generally have a different perception of catastrophic 

events, even if they involve a limited number of individuals, compared to more 

common and that, for this reason, can globally involve a large number of people: 

a typical example is represented by the perception of risk towards an air accident 

(which generally causes a higher number of fatalities than the individual road 

accident and  of which the media deals with more attention) rather than road 

accidents, in fact more frequent and, from a statistical point of view, more risky. 

The probability of disproportionate collapse can be calculated by 

characterizing the conditional probabilities of two levels of damage: local damage, 

given the occurrence of an exceptional event; global damage, or disproportionate 

collapse, given the drawing of local damage. 

1.3.2 Risk analysis – probabilistic method 

Let H (Hazard) be a harmful event, with a low probability of occurrence but 

serious consequences expected in the event of its occurrence, in particular due to 

the occurrence of a disproportionate collapse, and both SL a state of damage local 

to the structure, induced by H. Identify with C the disproportionate collapse 

caused by SL. The basic mathematical model for assessing the probability of 

collapse is the following equation: 

P[C] = P[C| SL] ∙ P[SL| H] ∙ P[H] (1.2) 
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where: 

- P[C] represents the annual probability of structural collapse C due to event 

H, related to the "collapse resistance" of the system; 

- P[H] is the probability of occurrence of event H, assumed to be equal to 

the average annual rate of occurrence λH; 

- P[SL| H] represents the conditional probability of local damage, given H; 

- P[C| SL] represents the conditional probability of disproportionate 

collapse given the local damage state SL. 

P[C| SL] defines the robustness of the structure and is the only termine on 

which a structural civil engineer can really act, in order to reduce it; its evaluation 

in probabilistic terms, can be complex, requiring, strictly speaking, the use of 

advanced analysis methodologies, such as nonlinear dynamic analysis, performed 

on models detailed and realistic numbers.  

1.3.3 Different scenarios 

A considerable amount of data is required to obtain a credible metric for 

calculating the yearly occurrence probability of an event (P[H]). When unusual 

occurrences occur, such as terrorist attacks, calculating the occurrence frequency 

is difficult, thus a new technique, a deterministic one, characterized as risk  

analysis based on a scenario S, is required. The equation is as follows: 

𝑃[𝐶|𝑆] = 𝑃[𝐶|𝑆𝐿] ∙ 𝑃[𝑆𝐿|𝐻] 

1.4 Reduction of the risk 

The design for the reduction of the risk of disproportionate collapse turns out 

to be different from the traditional one, in fact it is necessary to consider the 

occurrence of extreme events, whose probability is extremely low, during the 

nominal life of the structure. 

Risk reduction can be implemented through a few steps: 

- definition of requirements or performance in the presence of risk 

scenarios; 

- calculation of the probability of non-compliance with the requirements; 

- assessment of the consequences of any failure to meet the requirements. 

(1.3) 
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Among the requirements that the structure must possess, there are some of a 

general nature, valid for any structural type, and others that are instead related to 

the intended use of the construction. 

Different design approaches can be identified to mitigate the risk of 

disproportionate collapse; among the various classifications we find that between 

direct and indirect method: 

- indirect design method: the goal is to reach an alternative equilibrium 

configuration through catenary action, which means the development of 

large deformation so that loads are mainly taken by vertical components of 

axial forces that develop in the beams, these components are indeed the 

catenary forces. Of course, to be this phenomenon efficient, the structural 

element should have enough ductility. This aspect is clearly explained in the  

 

 

 

 

 

Figure 1.1: 

 

 

 

 

 

 

 

 

 

 

To do this, the engineer should create three-dimensional tie systems such as 

corner, peripheral, and interior ties in both orthogonal slab directions, horizontal 

Figure 1.1: Damaged building's formation of catenary activity 
(http://www-personal.umich.edu/eltawil/catenary-action.html) 
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connections between columns or walls, and vertical ties. Figure 1.2 depicts these 

mechanisms: 

 

Figure 1.2: Tie forces (DoD 2016 [16]) 

 

- in the direct design method, the designer explicitly evaluates the 

capacity of the structure with regard to the evolution of disproportionate collapses, 

and can identify a structural solution capable of not collapsing completely even in 

the event of failure of a single membratura. An example would be the design of 

the structure so that it is able to continue to transfer loads following an alternative 

path following the removal of a structural element (Figure 1.3): 
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1.4.1 Analysis of the consequences 

 

The systematic procedure for describing and/or calculating the consequences 

is called consequence analysis. The consequences are generally multidimensional, 

however, in specific cases can be described in a simplified way with a limited 

number of elements such as, for example, human deaths, damage to property, the 

environment and costs due to the unavailability of a structure. 

The analysis of the consequences should begin with a technical and functional 

description of the system under consideration: the type of structure, its intended 

use, the planned activities, the number of people affected by a possible collapse, 

the strategic role of the building, government activities, medical services, etc. 

Some consequences are independent of structural behavior. For example, 

many people may die or be injured by a fire in a building due to the effects of 

smoke and radiation. In such a case, where there is a time frame from the 

beginning of the danger to the perception of its effects, human lives can be saved 

by providing adequate alarm systems and adequate escape routes. There are ample 

models for calculating the probability of survival of people exposed during such 

events. 

If the structural response is important, it is necessary to distinguish between 

Figure 1.3: Column is removed, and the resulting catenary effect(CNR, 2018) 
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the direct response of the exposed elements and the subsequent behavior of the 

rest of the structure. If the direct response of a structural element is inadequate, 

then that element is considered vulnerable. If the failure of vulnerable elements is 

followed by inadequate behavior of the remaining part of the structure, this 

structure is defined as not very robust. Both the evaluation of direct and indirect 

results may require rather advanced structural analyses that consider, for example, 

nonlinear effects, dynamic effects and temperature effects.   

 

1.4.2 Possible strategies to reduce risk 

To mitigate the risk associated with an unintentional occurrence, non-

structural methods for controlling the accidental action or structural measures to 

analyse the local damage and its progression may be implemented. Figure 1.4 

depicts the technique to be used to decrease risk using the approaches provided in 

this sub-chapter: 

 

Figure 1.4: Technique used to decrease risk 

1.5 Robustness design 

A proper understanding of the structure may help to reduce the danger of 

disproportionate collapse. The following factors contribute to minimizing year 

propagation and increasing total structural strength: redundancy, chaining, 

ductility, uniform distribution of structural parts, appropriate resistance to 

tangential tensions, and the capacity to resist reversal of actions and stresses. 
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Below are briefly illustrated the indications given in chapters 5 and 6 of the  

Instructions for the assessment of the robustness of buildings (CNR, 2018). 

1.5.1  Design approaches 

In terms of structural strength, there are basically three methods to use in the 

design: 

- The local resistance method aims to prevent the triggering of a possible 

disproportionate collapse, and thus to avoid local damage to those elements whose 

collapse would lead to an uncontrolled propagation of the damage (key elements). 

It is often utilized in the presence of structural typologies in which an alternative 

channel of the loads is difficult to be developed and therefore, as a result, they are 

more vulnerable to local damage than others; they are often structures with a low 

degree of redundancy, such as in the presence of a transfer plane (Figure 1.5), 

where the loss of a column is unlikely to result in a disproportionate collapse given 

the huge light. 

 

 

 

 

 

 

The key element is designed to resist previously identified threats through one 

of the following alternative modes: individually, i.e., without recalling the 

contribution of other structural elements, or by recalling the contribution of other 

structural elements participating in the same resistant mechanism. 

To limit the possibility of disproportionate collapse, various steps should be 

implemented, such making the transfer beams continuous on several supports and 

encouraging an alternate path between the transfer beams through the warps 

perpendicular to them. 

Figure 1.5: Building with transfer plan (CNR, 2018) 
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- The alternative load path approach is designed to avoid the structure from 

collapsing disproportionately after a local collapse has occurred, and to shift the 

loads carried by the collapsed part to the remaining components (Figure 1.6). 

Usually, the designer removes a structural piece (typically a column) and does 

non-linear static or non-linear dynamic assessments to ensure that the remainder 

of the structure is still capable of transferring the unintended loading actions. 

Alternative load routes may be created into structural systems with ductility, 

structural regularity, redundancy, and dissipative capacity more simply. This 

reduces the likelihood of a catastrophic collapse. As can be seen, then, there is a 

high degree of connection between this technique and the seismic design 

standards. 

-By separating the collapsed piece of the building from the remaining 

structure, compartmentalization aims to reduce the amount of excessive 

collapse. The compartment's margins are produced by "strong" components that 

prevent the collapse of the compartment's "weak" elements, or vice versa, by weak 

elements that collapse by separating the injured portion from the remainder of the 

structure, which thus stays intact (structural fuses). 

1.5.2 Structural modelling 

The capacity to absorb and disperse energy after the creation of localised 

damage is directly related to the constitutive laws selected for the materials that 

make up the structural components and their connections, thus the sensitivity and 

expertise of the designers play a crucial part in the choice and calibration of the 

most appropriate constitutive laws to use. Structural modelling takes a basic 

relevance in the design for robustness. 

Figure 1.6: : Example of alternative  load path (CNR, 2018) 
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In terms of constitutive laws and modelling, the following factors should be 

considered while performing structural analyses: 

- Elastic-linear constitutive models. By a wide margin, the linear elastic 

constituent models are the simplest to use and comprehend; they are particularly 

helpful in the first investigation stages, when the non-linearities of the material 

are often neglected. While their simplicity is a benefit, it makes them inappropriate 

for the investigation of complicated processes such as disproportionate collapse. 

- Nonlinear component models that are dependent/independent of load 

application speed. The broad study of disproportionate collapse entails the 

beginning of structural deformations that result in the development of inelastic 

deformations. The plasticization of the material contributes significantly to the 

process of energy dissipation and the redistribution of actions; thus, it cannot be 

disregarded in the studies. In the non-linear behaviour of traditionally utilised 

materials (concrete, steel, composite materials, masonry, etc.), the constitutive law 

is influenced by the rate of load application, particularly when the action is 

performed rapidly (for example in the case of explosion or impact of high-speed 

vehicles). This factor contributes to an increase in the strength and/or stiffness of 

the materials, which may be included into the evaluation of strength. 

-Local models / global models:. Typically, it is acceptable to develop both 

global and local models. The former are used to collect general information, such 

as the trend of stress and displacement characteristics across the structure, while 

the latter are required to examine the behaviour in specific sections (zones of 

discontinuity, points of application of the load, zones of concentration of efforts, 

nodes, connections, etc ...). 

1.5.3 Analysis types 

Local damage or loss of an element might result in a quick transition from the 

original configuration to the damaged one, causing dynamic effects that can be 

accounted for in a variety of ways depending on the kind of analysis used. 

- Linear static analyses can be used to amplify the effects using an 

appropriate dynamic amplification coefficient; however, linear analysis 

does not allow for the recording of important effects such as the 
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redistribution of stresses, geometric and mechanical non-linearities, and 

therefore the catenary effect;  

- Nonlinear static analyses allow for the incorporation of nonlinearities and 

the accurate capture of the catenary effect; 

- Linear dynamic studies allow for the consideration of the dynamic impacts 

associated with local damage/collapse, but do not provide the evaluation 

of the consequences associated with the non-linearity of the issue. 

- To model the problem, dynamic-nonlinear studies are the most 

comprehensive and appropriate sort of study. Typically, the computation 

is conducted using three-dimensional, nonlinear models, under 

circumstances of substantial deformations, and taking the behaviour 

during the transitional period into consideration. However, not all 

calculating programmes can do this sort of analysis. Due to the complexity 

and large number of factors involved, only experienced designers can do 

this sort of study. The computational effort that these models impose must 

also be considered, particularly in the case of massive structures. 

1.5.4  Reinforced concrete structures placed into use 

Reinforced concrete constructions cast on-site have a number of helpful 

characteristics in terms of their response to exceptional and/or extreme events:  

- structural continuity (and the resulting redundancy); 

- ductile behaviour of sections and members subject to bending;  

- columns that are not susceptible to instability;  

- the high mass of the structure increases its response to explosions. 

On the other hand, the mass of the structure can make it difficult to distribute 

loads because the force that must be transmitted along an alternative path is high; 

fragile resisting mechanisms (such as cutting, twisting, anchoring, and 

overlapping of the reinforcements) can prevent the development of ductile 

mechanisms, so it is necessary to use a design approach based on the hierarchy of 

resistances in a way that is similar to the design metonymy. 

Membrane effects is a significantly contribute to the structural strength 

definition of reinforced concrete components such as beams and slabs. In order to 
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prevent overly pessimistic reinforcing methods (for existing structures) or design 

(for new structures), it is necessary to account for the strength reserves caused by 

membrane stresses when calculating structural strength. 

 

Figure 1.7: Membrane stresses in structural elements (CNR, 2018) 

Figure 1.7 demonstrates that the advantageous impact of membrane stresses 

may be employed not only during an unplanned occurrence such as the removal 

of a column, but also during the application of loads exceeding those anticipated 

during the structure's design phase. 

In the case of low lamps, membranous compressive stresses are activated at 

low deformation values, however in the case of high lights, diaphragm 

compressive stresses are insignificant and tensile stresses considerably contribute 

to the resistance of deflected parts. 

The membranous tensile stresses are not considerably dependent on the 

deformations of the concrete, but they are strongly dependent on the final 

deformations possible of reinforcing bars and the geometric reinforcement ratios. 

The value of the membranous stresses depends significantly on the constraint 

conditions: the interlocking condition defines the upper limit of the value of the 

membranous stresses, which are decreased by reducing the stiffness of the external 

constraint without ever being completely depleted because the membrane efforts 

are also present in elements without constraints to lateral displacements due to 

structural continuity. 
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1.5.4.1 Column removal - Structural behaviour 

A two-dimensional frame experiment may be used to illustrate the structural 

behaviour of a reinforced concrete structure subjected to column removal  

A vertical displacement is imposed at the point P1 where the column was 

removed, and it may be monitored as a function of the response at point P1 (Figure 

1.9) and the horizontal displacement at point P2 (Figure 1.10). 

 

Figure 1.8: Two-dimensional reinforced concrete frame (Lew et al. [19]) 

 

Figure 1.9: Diagram of imposed displacement-reaction (CNR-DT 214 2018) 
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Figure 1.10: Diagram of imposed displacement-horizontal displacement (CNR-DT 214 2018) 

 

The structural behaviour is explicable by examining three distinct phases: 

- Line OA (flexural behaviour): it relies on the bending behaviour of the beam 

and persists with the development of plastic hinges at the beam-column 

connection sites (negative plastic moment in correspondence of the lateral 

columns and positive plastic moment at the central column). As a result of the 

beam's fissuration and subsequent elongation, the point P2 is shifted towards the 

beam's exterior (negative value). In addition, the beam is squeezed due to the 

column's rigidity, which resists the beam's elongation. 

- Line AB (softening): marked by a softening phase and, therefore, a decrease 

in the response at point P1. The negative horizontal displacement starts to 

decrease. Additionally, compressing action is reduced. 

- Line BC (catenary effect): the response rises again as the vertical 

displacement at point P1 increases. The horizontal displacement becomes positive 

(so the outer columns slide inward) and the beam is now under stress. This is the 

result of a combination of membrane tensional effects and reinforcing bar catenary 

effects. 

Notably, if the reinforcement does not extend over the exterior columns, 

softening is not possible and only the flexural behaviour of the beam carries the 

load. This suggests that the process is stopped at point A, when the building 

collapses. 
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1.5.4.2 Column removal - Design 

With appropriate simplifying hypotheses, it is possible to estimate the bearing 

capacity of a framed system in the event of an accidental removal of a supporting 

pillar. 

The maximum load for purely flexural behaviour (point A of Figure 12) can 

be calculated with the theory of plasticity and with the principle of virtual works 

with the following formula: 

𝑃ெ,ி =
2(𝑀

ା + 𝑀
ି )

𝐿
    

where 𝑀
ା  and 𝑀

ି  are the plastic moment of the beam in correspondence of 

the connections with the column for positive moment and negative moment 

respectively. 

Neglecting the armor in the compressed zone, in favor of safety, the plastic 

moments can be calculated in a simplified way as follows: 

𝑀
ା = 0.9𝐴௦

ା𝑓௬𝑑 

𝑀
ି = 0.9𝐴௦

ି𝑓௬𝑑 

Where 𝐴௦
ି 𝑎𝑛𝑑  𝐴௦

ା are the tense armatures of the beam at the connection with 

the column, respectively for positive moment and negative moment, d is the useful 

height of the beam, fy is the yield strength of calculation of the reinforcement 

obtained by applying the relevant safety coefficients for accidental verification. 

With regard to the catenary behavior (point B of Figure 12), the maximum or 

bearable load can be evaluated as: 

𝑃ெ,் = 2
𝛿

𝐿
𝐴௦,௧𝑓௧ = 2𝜃௨𝐴௦,௧𝑓௧ 

where δ is the displacement capacity of the point where the column was 

removed, As,cont is the continuous reinforcement on the beam length 2L and ft is 

the breaking tension of the reinforcement obtained by applying the safety 

coefficients relevant to the accidental verification. 

For the evaluation of the rotation capacity and the following δ value, reference 

(1.4) 

(1.6) 

(1.5) 

(1.7) 
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should be made to experimental values. 

It is critical to emphasise that the catenary effect is only advantageous if the 

load that generates can be absorbed by the component of the structure that is not 

directly affected by the damage. Therefore, emphasis must be paid to the crucial 

columns, such as the corner and perimeter ones. The catenary effect is only 

advantageous if it results in an effective increase in the load's resistance, so if 

𝑃ெ,் ≥ 𝑃ெ,ி. 

 

Probabilistic and semi-probabilistic quantification of the robustness 

Code regulations and standards do not account for a sufficient number of 

activities or circumstances that represent a risk to the safety and performance of a 

structural system, assuming the state of the art. This has required the consideration 

of hazards that were not previously analysed or addressed using a deemed-to-

satisfy technique, i.e. a checklist of the event rather than real structural 

computation design. 

Many events can be more or less hazardous depending on the target risk 

considered; for instance, an explosion can have a low hazard and thus a low impact 

on the risk evaluation if the target probability of collapse P(C) is 10(-5) per year, 

but it can have a greater impact if the target is 10(-7) per year. 

In addition, the risk assessment based on a 1-year time scale might have 

distinct effects on exposures whether the time period is 50 or 100 years. This has 

required the evaluation, within the design methods, of just those occurrences with 

a likelihood of collapse above a minimal threshold. 

In addition, the risk assessment based on a 1-year time scale might have 

distinct effects on exposures whether the time period is 50 or 100 years. This has 

required the evaluation, within the design methods, of just those occurrences with 

a likelihood of collapse above a minimal minimis threshold. 

The assessment of the conditional probabilities stated in previous equation 

may be performed using a Probabilistic Risk Analysis (PRA), which, in the 

context of structural systems, can be seen as a Structural Reliability Analysis. 

According to this theory, failure occurs when the demand S (intended as the 
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actions' consequences) surpasses the resistance R. . The failure probability can be 

thus be expressed by: 

𝑃 = න 𝐹ோ(𝑥) ∙ 𝑓ௌ(𝑥) 𝑑𝑥 (1.8) 

, where 𝐹ோ(𝑥)  represents the cumulative distribution function of the 

resistance and  𝑓ௌ(𝑥) represents the probability density function of the demand. 

When working with the particular occurrence of a collapse whose 

repercussions might decide life lost, it is feasible to specify the following target: 

𝑃(𝐶) ≤ 𝑝௧ (1.9) 

where 𝑝௧ is the de minimis risk, which is often between 10ିହ and 10ି, 

following Pate-Cornell [14].  

For the particular instance of the alternative load route design approach, the 

probability of collapse as given by Equation (1.2) is reduced to the quantification 

of P(C|SL) and may be assessed using the convolution integral of Equation (1.8). 

Consequently, according to the equation (1.9), the likelihood of collapse may 

be stated as follows: 

𝑃(𝐶|𝑆𝐿) ≤ 𝑝௧/𝜆ு (1.10) 

Assuming that the hazard probability _H is between 10ି/𝑦𝑟  and 10ି/𝑦𝑟, 

the performance requirement described in (1.13) for the chance of collapse due to 

local damage is on the order of 10ିଶ 𝑦𝑟⁄ 𝑡𝑜 10ିଵ/𝑦𝑟. This suggests that the 

reliability index β - additional information will follow concerning its calculation 

– is of the order of 1.5. This value is much lower with regard to the one anticipated 

for the final state of new structures, typical usage conditions, that is equal to 3.8, 

equivalent to a risk of failure of  10ିସ/𝑦𝑒𝑎𝑟. 

Referring to a de minimis risk, which involves an event with an annual 

occurrence probability of less than 10ି/𝑦𝑟, this probability becomes on the 

order of 5 ∙ 10ି/50𝑦𝑟 when a 50-year-old structure is considered. Since the 

reliability index for a class 2 building with a theoretical life of 50 years is 3.8, 

which translates to a P(C) of 7.3 ∙ 10ିହ/50𝑦𝑟, the P(C|SL) should be less than  

6.9 ∙ 10ିଶ/50𝑦𝑟 to meet the de minimis requirement. 
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2 Structural Reliability 

There is always a degree of unpredictability surrounding natural physical 

events (and by consequence, structural engineering). This implies that these events 

are, at least in theory, not completely predictable. The following easy case may be 

considered: Several "similar" concrete cube specimens are loaded to failure in the 

lab. For each specimen, the compression failure load would be unique. As a result, 

these concrete cubes' compressive resistance is a completely arbitrary number (i.e. 

random variable). In structural engineering, it is common practice to treat all 

significant factors in the design and evaluation of new and existing structures as 

uncertain and, thus, as random variables. When discussing risks, the word 

"reliability" is typically used extremely loosely and has to be defined more 

precisely. The idea of reliability, at its most basic level, is often taken to be an 

inviolable characteristic of the building itself. Then, if the structure is reliable, it 

will never fail, and if it turns out to be unreliable, it will fail without a doubt. As 

an added bonus, when people hear the phrase "the structure is reliable," they often 

interpret it to mean that there is zero chance of the structure ever failing. This is 

an oversimplification that is regrettably both exaggerated and incorrect. The 

imagined "100% reliability" for structures simply does not exist, and although this 

may be uncomfortable (or intolerable) for "non-expert" individuals, it is the 

reality. D despite of assurances to the contrary, even the most "reliable" of 

structures is subject to the possibility of failure. The field of structural engineering 

requires the tolerance of a minor failure probability within the expected service 

life of the structure. Without them, it would be impossible to evaluate current 

infrastructure or build new civil constructions. 

This chapter introduces the limit states approach to structural reliability and 

explains many types of uncertainty. Methods for assessing structural reliability 

are listed and Level III is differentiated into its base components. Finally, the most 

popular safety formats that have been adapted from recent structural codes and 

standards are outlined and discussed. 
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2.1 Limit states design, basic principles and 
uncertainties 

International standards like ISO 2394, EN 1990, and fib Model Code 2010 

report on the fundamentals of structural reliability. 

Fundamental performance standards for structures should be tied to reliability 

and economy principles, as stated in the aforementioned regulations. In particular, 

a building has to be designed and built such that it can withstand every possible 

action it may get. All of these conditions need to be met with sufficient reliability 

and cost - effectiveness. 

During its service life, a structure's reliability is measured by how well it 

performs in accordance with specified loading conditions. The chance of a 

structure failing may be thought of as the quantitative counterpart of the reliability. 

A structure's service life (sometimes called its design working life for new 

structures) is the time span throughout which it is expected to serve its intended 

purpose. Safety, serviceability, durability, and robustness are the primary 

performance objectives for structural design. 

These so-called limit states are identified in order to test these criteria in 

relation to certain design scenarios. The generic limit state is described as "“the 

condition beyond which the structure, or a part of it, does no longer satisfy one of 

its performance requirements " in the literature and structural codes (e.g. EN 1990; 

fib Model Code 2010). 

With respect to the aforementioned performance criteria, there are many limit 

states to choose from: 

- ultimate limit states (ULS),are typical situations related with collapse 

or approaching to structural breakdown. These states are concerned with the safety 

of people and/or the building. They are as follows: fracture or excessive 

deformation in important areas of the structural system or within connections; 

fatigue and time dependent events; instability, divergence of equilibrium; loss of 

static equilibrium of the structural system or part of it (e.g. buckling, lateral 

buckling, aero-elastic instability). 

- serviceability limit states (SLS), are thresholds beyond which certain 

factors, such a structure's effectiveness for a certain purpose, become 
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unacceptable. Damage that affects the appearance, durability, and functionality of 

the structure; vibrations that affect the comfort of users or limit the functional 

performance of the structure; and deformations or bending that influence the 

structure's appearance or cause unacceptable damage to finishes or non-structural 

elements. 

Various structures with different degrees of reliability based on the expected 

service life should handle these limit states in different ways. 

2.1.1 Uncertainties and their classification 

It is important to take into consideration a number of potential uncertainties in 

the procedure designed to assess the structural reliability of new or existing 

buildings. These doubts may come in many forms: 

- randomness (or inherent variability): it is a measure of the inherent 

variation included in every physical process or property. Because it is an inherent 

feature of the physical process or property itself, randomness cannot be controlled 

or mitigated by human action; 

- model uncertainty: it refers to the uncertainty that arises as a result of 

the idealization of mathematical models that are used in order to explain and make 

predictions about a physical process or characteristic. Therefore, the uncertainty 

associated with models is due to a combination of ignorance, inherent 

simplifications, and decisions made throughout the process of defining 

mathematical models that are intended to explain the actual world. It is possible 

to bring it down by widening the level of detail and working to improve the 

models' overall quality. 

- statistical uncertainty: This form of uncertainty is associated with the 

method through which the unpredictability of a physical process or attribute is 

estimated. This is because statistical analyses rely on a small sample of 

observations, a problem that might be solved by collecting more real-world 

information (conducting more experiments). 

- measurement error: is the mistake introduced by the act of measuring 

or watching the data used to estimate the randomness (and for data methods). It is 

possible to decrease measurement mistakes by enhancing observation or 

measuring methods; 
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- human errors: are caused by human mistake in the form of 

imperfections in the design or evaluation phase. This kind of uncertainty is 

particularly challenging to evaluate, but it may be mitigated by tightening controls 

across the whole process. 

The reliability analysis of a structural system is influenced by several sources 

of uncertainty on multiple scales. 

If the randomness (i.e. intrinsic variability) of a physical process or 

characteristic is assumed to be non-negligible, then other sources of uncertainty, 

such as the quality of tests, measuring methods, and forecasting models, may be 

decreased. This conclusion often prompts scientists to differentiate between 

aleatory and epistemic uncertainty in the scientific literature. 

When it comes to structural reliability analysis, there are two types of 

uncertainties: aleatory and epistemic. Aleatory uncertainties relate to the inherent 

randomness of the variables that govern a specific structural problem, while 

epistemic uncertainties are primarily related to the "lack of knowledge" in the 

definition of the structural model. The overall amount of uncertainty in reliability 

analysis is affected by the decisions made in the beginning. However, this does 

not imply that simpler models have a higher degree of uncertainty than more 

complex ones. When comparing highly detailed and complicated non-linear 

structural models to their simpler counterparts, it is possible that the former will 

result in more epistemic uncertainty. Different approaches to the same issue may 

emerge if many feasible modelling hypotheses are at your disposal. Because of 

this, simpler models are sometimes preferable. 

2.1.1.1 Aleatory uncertainties for resistance models  

One significant category of factors that affects a structure's reliability is its 

material properties. Characteristic values, which are nothing more than fractiles 

of suitable distributions, are used to represent material attributes in design 

computations. 

The JCSS Probabilistic Model Code [3] is used in the following to provide a 

probabilistic modelling of resistance models in reinforced concrete structures. 
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Concrete  

Compressive strength 𝑓of standard test specimens (cylinder of 300 mm 

height and 150 mm diameters) measured under normal circumstances and at age 

28 days is the concrete's standard property. The following assumptions are made 

about the distribution of this variable: 

- mean value𝑓,  obtained from testing or code prescription is assumed 

to be equal to the expected value. 

- coefficient of variation 𝑉 equal to 0.15 

The other material’s variables can be evaluated indirectly  

Reinforcement 

The yield strength 𝑓௬., the ultimate tensile strength 𝑓௨., the modulus of 

elasticity 𝐸௦, and the ultimate strain 𝜀௨, are the reference characteristics of 

structural steel. For the purpose of simplicity, we will merely provide the yield 

strength distribution. The following assumptions are made about the distribution 

of this variable: 

- mean value 𝑓௬ determined from testing or code prescription is assumed 

to be equal to the prescribed value. 

- coefficient of variation 𝑉௬ equal to 0.05 

 

2.1.1.2 Epistemic uncertainties for resistance models  

Material models' epistemic uncertainty should be considered together with 

their aleatory ones. In reality, there is always some degree of uncertainty involved 

when attempting to represent a material's behaviour through a model, whether that 

model is physical, semi-empirical, or empirical, because of the simplified 

assumptions inherent in their definitions or the omission of some parameters that 

could have been crucial. 

The JCSS Probabilistic Model Code [3] has provided a method for 

quantifying epistemic model uncertainties associated with resistance, but in the 

initial phase you have to take into account that: 

- All of the test parameters and resistance calculation information 

must be available in the database of experimental observations. 
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- the bounds of the resistance model are determined by the range of 

parameters in the set of experimental data. 

- In order to perform a goodness-of-fit test, statistical inference for 

the observed sample must be calculated. 

It is possible to represent model uncertainties through the following 

expression: 

 𝑅(𝑋, 𝑌) ≈ 𝜗 ⋅ 𝑅ௌ(𝑋)  (2.1) 

where: 

- 𝑅(𝑋, 𝑌) is the actual response of a structure in general 

- 𝜗 is the model uncertainty random variable, due to factors affecting 

test  

- 𝑅ௌ(𝑋) is the response (or the resistance) estimated by the 

model 

- X is a vector of basic variables considered in the resistance model 

- Y is a vector of variables that are not considered in the model but 

may affect the resistance mechanism. 

Probabilistic distributions and associated parameters for modelling 

uncertainty may be defined by statistical inference. 

Model uncertainty random variable 𝜗 follows a lognormal distribution, as 

specified by the JCSS Probabilistic Model Code [3]. 

1.1.2 General formulation of the structural reliability 

problem 

When looking at reliability quantitatively, it may be seen as the complement 

to 1 of the probability of failure 𝑃. There must be a thorough discussion of how 

to determine the failure's importance in light of the performance criteria. 

Defining the "measure" capable of quantifying the available degree of 

reliability and providing the mathematical idealization of the limit states 

conditions is a necessary step in the process of estimating the reliability of a 

structural system. 
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2.1.2 Probability of failure 

To characterize the behaviour of the structure, a collection of N basic random 

variables Xi is used in reliability analysis: 

𝑋 = [𝑋ଵ, 𝑋ଶ, . . . , 𝑋, . . . , 𝑋ே] 

 

where the variable Xi may be represented by material properties, actions 

(loads), geometrical properties and model uncertainties (both for actions and  

resistances). 

To define 𝑃 we also to talk about limit state function Z (also denoted as 

performance function) which, in general, is defined in the following form as a 

function of main random variables Xi: 

𝑍(𝑋) = 𝑔(𝑋𝑖) = 0  (2.2) 

The limit state function Z is defined, according to Figure 2.1, so that: 

 

 

Figure 2.1:Limit state domain with X1 and X2 as two random variables. 

 

(2.2) 



 

35  

Using this definition as a starting point, the probability of failure, or Pf, may 

be determined as follows: 

𝑃 = 𝑃{𝑍(𝑋) < 0}  (2.3) 

In particular, the probability of failure Pf may be written as an integral by 

defining the N-dimensional probability density function of the N fundamental 

variables X as 𝑓௫(𝑥): 

𝑃 = න 𝑓௫(𝑥)𝑑𝑥
ழ

 
(2.4) 

𝑃, on the other hand, may be used to calculate the probability of survival 𝑃௦: 

𝑃௦ = 1 − 𝑃 (2.5) 

It is also important to note that while estimating the probability of failure 𝑃, 

a specified reference period is taken into account, often the design or residual 

service life, depending on whether we are working with new or old structures. 

2.1.3 Reliability index assessment 

The reliability index, which may be formalized as the negative value of the 

inverse of the standard normal variable representing the probability of failure 𝑃, 

is another way to quantify the structural reliability. 

Mathematically is expressed as: 

𝛽 = −Φିଵ(𝑃)  (2.6) 

 

where the quantity Φିଵ represents the inverse standardized normal 

distribution function. 

Figure 2.2 shows the numerical relationship between the reliability index and 

the probability of failure. 
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Figure 2.2: Relationship between the probability of failure Pf and reliability index β. 

As can be seen, the higher the reliability index, the more reliable the structure 

is, and therefore the lower the failure probability Pf and the less probable it is to 

surpass a defined limit state. 

2.2 Methods of reliability and theoretical model 

Simplified methods or more accurate estimates of the probability of failure 

Pf may be used to quantify structural reliability. The former aim to make 

reliability considerations more applicable in engineering practice while 

decreasing the computing work required. 

In general, reliability approaches are grouped into four levels: 

- level III methods (probabilistic); 

- level II methods (probabilistic); 

- level I methods (semi-probabilistic); 

- level 0 methods (deterministic). 

Probability theory implementation and computing effort for structural 

reliability estimation both reduce drastically from level III to level 0 

approaches. 
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2.2.1 Methods of Level III 

Adopting level III approaches for evaluating structural reliability 

necessitates an integral expression like Eq.2.5 to precisely calculate the 

probability of failure Pf (or reliability index β). 

Analytical methods, numerical integration, and Monte Carlo simulation 

are all viable alternatives. 

Analytical solutions can only be used in a minority of simple situations, 

while numerical integration is most practical with a reduced set of variables. 

The integral given by Eq. 2.5 may therefore be efficiently solved using 

simulations methods like the Monte Carlo's approach, which are particularly 

useful when dealing with complicated systems. 

The Monte Carlo method and several simplified sampling 

approaches are outlined here (i.e. Latin Hypercube sampling). 

The latter is the method I’ll adopt to sample resistance and action 

basic variables. 

2.2.1.1 Monte Carlo’s method and sampling techniques 

This technique is used to assess the risk or reliability of complex engineering 

systems (Haldar and Mahadevan [23]). 

The following is a summary of the six main components that compose the 

Monte Carlo simulation method: 

1) Define all the random variables involved 

2) Define the probabilistic characteristics of all the random variables 

in terms of probabilistic distribution and corresponding parameters 

3) Generate the values of these random variables 

4) Perform numerical experimentation, which means to evaluate the 

problem deterministically for each set of realizations of all the random 

variables 

5) Extract probabilistic information from these N realizations 

6) Determine the accuracy and efficiency of the simulation (not 

explained in this paper) 
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In the following, this method will be applied in the specific case of computing 

the failure probability 𝑃. Firs of all, according to Eq. Errore. L'origine 

riferimento non è stata trovata., the probability of failure can be expressed as: 

This approach will be used to compute the failure probability 𝑃 that may be 

represented using: 

𝑃 = න 𝑓
(𝑥)𝑑𝑥

()ழ

= න 𝐼[𝑔(𝑋)]𝑓
(𝑥)𝑑𝑥

ାஶ

ିஶ

  𝑖 = 1,2, … 𝑁 
(2.8) 

 

where 𝐼[𝑔(𝑋)] is the indicator function defined as: 

𝐼[𝑔(𝑋)] ൜
0 𝑖𝑓 𝑔(𝑋) ≥ 0 

1 𝑖𝑓 𝑔(𝑋) < 0
  𝑖 = 1,2, . . . , 𝑁 

(2.9) 

As already mentioned, in order to evaluate if the single realization of the 

random variables 𝑋 belongs to the safe or to the failure region, it is necessary to 

define the limit state function. The probability of failure can thus be estimated by 

the number of samples that gives the structural failure (i.e. for which 𝑔(𝑋) < 0). 

As previously indicated, defining the limit state function is required to 

determine if the single realization of the random variables 𝑋 belongs to the safe 

or failure zone. The number of samples that produce the structural failure may 

therefore be used to estimate the probability of failure. 

As a result, using n samples, we can estimate the failure probability 𝑃 as: 

 
𝑃 ≈ 𝑃

 =
1

𝑛
 𝐼[𝑔(𝑋)]



ୀଵ

    𝑖 = 1,2, . . . , 𝑁;  𝑗 = 1,2, . . . , 𝑛 
(2.10) 

Several sampling approaches are employed to minimize the computing effort 

required to execute such a simulation. Common methods of sampling include: 

- systematic sampling 

- importance sampling 

- stratified sampling 

- Latin hypercube sampling 

- adaptive sampling 
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- randomization sampling 

- conditional expectation 

In the following Latin hypercube sampling method (LHS) will be described. 

2.2.1.2 Latin hypercube method (LHS) 

This thesis demonstrates that the LHS approach is a powerful tool for doing 

a reliability study using the non-linear finite element technique. In fact, using this 

technique makes it possible to describe the probabilistic distribution of the 

structural resistance with less numerical simulations. It has been shown that a 

sample size of 30–40 is enough for determining the mean, variance, and 

probability distribution of the examined structural resistance when the coefficient 

of variation of fundamental variables is less than or equal to 0.2. (Gino, 2019 [22]). 

The LHS approach takes samples from the variables according to their 

probabilistic distribution and then combines them randomly. The method for 

sampling guarantees that all distribution functions are sampled equally over 

the range of probabilities (0,1). 

The procedure to adopt is the following: 

1) The probability interval (0,1) is partitioned into n non-overlapping 

equiprobable sub-intervals (ℎ , ℎ௦௨) for each variable 𝑋. 

2) To determine the value of the basic variable 𝑋, in each of the n 

intervals, we randomly sample a single value from the interval 

(ℎ , ℎ௦௨) and we will take the correspondent 𝑋. 

3) To generate a random combination of results, we do a random 

permutation of the n values sampled for each variable 𝑋. Through this 

process, we can provide the n sets of input variables that will be used 

in the simulations. 

 

2.3 Safety formats for reinforced concrete 
structures  

In this Section the basic principles of “levels of approximation 
approach” are introduced and the different safety formats are commented. 
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2.3.1 Levels of approximation 

The structural analysis is based on representative models, each of 
which is only a close representation of the real world. It's possible that 
each model, from the most basic to the most complex, has a varying level 
of precision when it comes to describing the surrounding world. 

To be more specific, a "level of approximation" (LoA) is a design 
methodology in which the accuracy of an estimation of the response of a 
structural member or system can be improved by increasing one's 
knowledge of the involved physical parameters and the complexity of the 
mathematical model. This can be done in order to achieve a higher level 
of precision in the estimation of the response. 
 

 

Once selected the LoA related to the representative model of 

structural response, the reliability concepts should be introduced by 

appropriate safety formats. 

It is up to the designer as well as the practitioners to decide on an 

appropriate LoA. It is dependent on the sort of analysis that is carried out, 

the level of the design or evaluation process that is being conducted (either 

preliminary or executive), and the possible savings that may be offered if 

a high LoAs is chosen. 

After the LoA, that corresponds to the representative model of 

structural response, has been chosen, the notions of reliability should next 

be presented using the adequate safety formats. 

 

Figure 2.3: The approximation levels approach as outlined by Muttoni  

and Ruiz, 2012 and fib Model Code 2010. 
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2.3.2 Probabilistic safety format 

Full probabilistic analysis in accordance with the procedures defined 

by the Level III and Level II approaches is now possible with the fib 

Model Code 2010. Probabilistic safety format may be used to the 

evaluation of already-built buildings as well. 

Estimating the probability of failure Pf during a certain reference 

period is how a structure is checked for proper functionality in a given 

limit state. 

The equation for safety verification may be written in terms of the 

probability of failure Pf: 

𝑃 = 𝑃[𝑔(𝑋) ≤ 0] ≤ 𝑃,்           𝑖 = 1,2, … , 𝑁  (2.117) 

where Pf,T  are the target probability of failure indices provided in 

Section 1.3.6. To analyse Pf and create the probabilistic model for basic 

variables Xi., use the approaches provided in Subsection 1.3. 

2.3.3 Partial factor format 

The partial factor format is specified by the Level I methodology and 

is supported by fib Model Code 2010 and EN 1990. Partial safety factors 

are used to apply safety precautions to loads and material resistances. 

The partial safety factors can be classified: 

- partial safety factors for material properties: 

𝛾ெ = 𝛾ோௗ 𝛾  (2.12)  
𝛾ோௗ =  𝛾ோௗଵ 𝛾ோௗଶ  (2.13) 

 

where Rd1 is the model uncertainty partial safety factor, with values 

of 1.05 for concrete and 1.025 for reinforcement; Rd2 is the geometric 

uncertainty factor, also set to 1.05; and γm is the material uncertainty 

factor, calculated using Eq (1.30). The target of reliability is defined by β 

=3.8 if one assumes a normal distribution for material uncertainties, where 

γM is equal to 1.5 for concrete cylinder compressive strength assuming a 

coefficient of variation equal to 0.15 and equal to 1.15 for bar 
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reinforcements accounting for a coefficient of variation equal to 0.05. 

- partial safety factors for permanent actions (G) and variable actions (Q): 

𝛾ீ = 𝛾ௌௗ 𝛾  and 𝛾ொ = 𝛾ௌௗ 𝛾 (2.14) 

where γSd is the model uncertainty partial safety factor set equal to 

1.05; γG,Q is the partial safety factor for permanent (G) and variable loads 

(Q) accounting for aleatory variability and reference service life). 

where γSd is the model uncertainty partial safety factor set to 1.05; 

γG,Q is the partial safety factor for permanent (G) and variable loads (Q) 

accounting for aleatory variability and reference service life. 

The actions for ULS and SLS are correctly combined, allowing for 

suitable combination factors, to maximize and minimize their influence 

on the structural response. The fib Model Code 2010 and EN 1990 both 

recognize specific values for partial safety factors for activities. 

2.3.4 Global resistance format 

Incorporating the uncertainties of the structure's behaviour into a global 

design resistance, which may be stated as a global safety factor, is beneficial. Once 

again, these values need to be chosen so as to satisfy the prerequisites of the 

reliability index. 

The structural resistance R is an indicator for the overall resistance. The 

following resistance values represent the range of possible outcomes: 

- 𝑅 mean value of resistance 

- 𝑅 characteristic value of resistance (corresponding to a probability of 

failure of 5%) 

- 𝑅ௗ design value of resistance 

As for the partial safety factor technique, the value of action F is taken into 

account. 

When these conditions are satisfied, we may say that the safety criterion has 

been met: 

 𝐹ௗ ≤ 𝑅ௗ,  𝑅ௗ = 𝑅/𝛾ோ
∗  𝛾ோௗ (2.15) 
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where 𝐹ௗ. represents the partial factor definition of the design external action, 

𝛾ோ
∗   stands for the global resistance safety factor that takes material aleatory 

uncertainties into account, and 𝛾ோ
∗   stands for the resistance model uncertainty 

safety factor. 

Values for the model uncertainty factor that are suggested depend on the 

precision with which the resistance model was formulated. 

- 𝛾ோௗ = 1.0 for no uncertainties 

- 𝛾ோௗ = 1.06 for low uncertainties 

- 𝛾ோௗ = 1.1 for high uncertainties 

Differentiating between global and partial safety factors is essential. Partial 

safety factors only refer to each material property evaluated with its characteristic 

value for local verification of structural members [22], while global safety factors 

refer to the overall structural response evaluated by means of mean values of 

material properties. 
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3 Design of a multi-storey 
reinforced concrete frame in a 
seismic zone 

This work of thesis is about the evaluation of reliability for robustness of a 

real building designed in seismic area. Following previous works of thesis like 

“Robustness assessment in reliability terms of reinforced concrete structures in 

seismic zone” by Elena Miceli, I continued these probabilistic studies by 

comparing the buildings reaction, in terms of structural reliability of two frames 

having different design criteria with different steel reinforcements. 

Following a description of the building's design characteristics in accordance 

with code requirements (i.e., capacity design), the frame—the focus of this 

thesis—is next provided as a consequence of the findings from earlier research. 

 

3.1 General description 

The building in question is a reinforced concrete structure used for 

residential purposes in the city of L'Aquila, which is situated in the seismic zone 

2 and has an elevation of 714 metres above sea level. This building was designed 

in a seismic zone in accordance with Italian and European technical standards. 

The following regulatory material has been mentioned: 

- D.M. 17 Gennaio 2018: Aggiornamento delle “Norme tecniche per 

le costruzioni” [9] 

- EN1990 Eurocode 0: Basis of structural design [5] 

- EN1992 Eurocode 2: Design of concrete structures [28]  

- EN1998 Eurocode 8: Design of structures for earthquake resistance 

[29] 

- EN206-1 Concrete - Part1: Specification, performance, production 

and conformity [30] 

The construction is newly built; the nominal life is interpreted as the number 

of years during which the structure must be able to be utilised for the intended 
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purpose, provided that it is subject to normal maintenance. The standard 

specifies three forms of construction in Table 2.4.I of DM2018: 

 

In the present case, the following is assumed: 

- Type of construction: Construction with ordinary performance 

levels; 

- Nominal design life: VN = 50 years. 

The structure under analysis is considered class II, as described in 

2.4.2 of the DM2018: constructions whose use involves normal crowding, 

without dangerous contents  for the environment  and without essential  

public and social functions. 

According to table 2.4.II of the aforementioned standard, the usage 

coefficient CU for use class II is equal to 1.0: 

 

 

Referring to § 2.4.3 of  DM2018 [9], the design period for the seismic action 

is: 

 𝑉ோ = 𝑉ே ∙ 𝐶 = 50 𝑦𝑟 (3.1) 
 

 
 
 
 
 
 
 

Table 3.1: Forms of construction (Table 2.4.I of DM2018) 

Table 3.2: Values of the use coefficient CU 
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3.2 Geometrical properties 

The structure consists of four stories plus the roof, with an inter-floor height 

of 3 metres and a span length of 5 metres; moreover, the effect depth in the 

transversal direction is 5 metres. The effective span length is 4.4 metres, with the 

columns of the whole structure having a cross-section of 60x60 cm. The beams 

have a cross-section of 40x50 centimetres, resulting in an effective inter-floor 

height of 2.5 metres. A front view (Figure 3.1) and a plan view (Figure 3.2) are 

given to help visualise these geometrical characteristics. 

 

Figure 3.1: Building front view 

 

Figure 3.2: Building plan view 
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3.3 Material properties 

3.3.1 Concrete 

The concrete used to build columns and beams has the following 

characteristics:  

Table 3.3: Concrete characteristics 

 

 

 

 

 

 

 

 

3.3.2 Steel 

The steel chosen to make the bars and stirrups has the following properties: 

Table 3.4: Steel characteristics 

Steel class  B450/C 

Characteristic tensile strength 𝑓௧ 540 N/mm2 

Characteristic yield strength 𝑓௬ 450 N/mm2 

Partial safety coefficient 𝛾ௌ  1.15 [-] 

Design yield strength 𝑓௬ௗ 391 [-] 

Ratio between characteristic tensile and yield strength  1.15 - 1.35 [-] 

Characteristic strain at maximum load 𝜀௨ 75 ‰ 

Design yielding strain  𝜀௦௬ௗ 1.96 ‰ 

Ultimate strain at ULS 𝜀௨ௗ 0.9𝜀௨ = 63‰ 

Elastic modulus 𝐸௦ 200000 N/mm2 

Poisson’s coefficient 𝜐 0.3 [-] 

 
 
 

Concrete resistance class  C25/30 
Cube strength 𝑅 30 N/mm2 

Cylinder strength 𝑓 25 N/mm2 
Partial safety coefficient 𝛾  1.5 [-] 
Long duration load coefficient 𝛼 0.85 [-] 
Design value of compressive strength 𝑓ௗ 14.17 N/mm2 
Mean value of axial tensile strength 𝑓௧ 2.56 N/mm2 
Characteristic axial tensile strength 𝑓௧ 1.8 N/mm2 
Design value of tensile strength 𝑓௧ௗ 1.2 N/mm2 
Ultimate strain at ULS 𝜀௨ 3.5 ‰ 
Specific weight 𝛾 25 kN/m3 

Elastic modulus 𝐸 31476 N/mm2 
Poisson’s coefficient 𝜐 0.2 [-] 
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3.4 Durability 

The stability and strength of the structure must be maintained for the whole 

of the design working life to satisfy the condition of Durability. It is based on the 

environmental conditions, in particular we mean the chemical and physical 

conditions in which the structure is exposed in addition to the mechanical actions. 

Its value is determined by these factors and the reference code rules are defined in 

EN1992 Eurocode 2: Design of concrete structures [28], at section 4: Durability 

and cover to reinforcement. 

It is possible to determine the exposure class of the building by consulting table 

4.1-section2 of EC2 [28], which classify buildings in according to the amount of 

corrosion caused by carbonation (Table 3.5): 

Table 3.5: Exposure level for corrosion caused by carbonation 

  

The environmental factors to which the case study is subjected may be 

described as "wet, rarely dry," resulting in an exposure class of XC2 for the case 

study. 

The following proposed limiting values for the composition and qualities of 

concrete are specified in EN 206-1 [30], table F.1, based on the class that was 

previously established (Table 3.6): 
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Table 3.6: Limiting parameters for the composition and characteristics of concrete are prescribed 

  

When the design working life is intended to be 50 years, such as in the case 

study, the Eurocode 2 [28], at 4.4.1.2(5) advises beginning with a structural class 

S4 as a starting point. There are suggested values for structural categorization 

included in table 4.3N of the previously described normative. These recommended 

values change depending on the exposure class (Table 3.7): 

Table 3.7: According to exposure class XC, the recommended structural categorization 

  

Due to the fact that the case study has an exposure class of XC2 and a concrete 

class minor than C35/45, the structural class is still the same as the value that was 

first recommended, which is S4. 

Referring again to Eurocode 2 [28], concrete cover is defined as the minimum 

possible distance between the surface of the reinforcement and the nearest 

concrete surface. The nominal concrete cover is calculated as the sum of a minimal 

component known as cmin and a design deviation known as cdev: 

𝑐 = 𝑐 +  ∆𝑐ௗ௩ (3.2) 
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The bare minimum of concrete coverage is required to provide the reliable transfer 

of bond forces, to protect the steel from corrosion (for reasons of durability), and 

to provide sufficient confidence of resistance to fire. The following formula is 

used to determine its value: 

𝑐 = max {c୫୧୬,ୠ ;  c୫୧୬,ୢ୳୰ + ∆𝑐ௗ௨,ఊ − ∆𝑐ௗ௨,௦௧ − ∆𝑐ௗ௨,ௗௗ  ; 10} (3.2) 

where: 

- c୫୧୬,ୠ is the minimum cover for bond requirement, according to table 4.2 

of [28]  (here): 

Table 3.8: In terms of bonds, the minimal cover needed 

  

- c୫୧୬,ୢ୳୰ is the minimum cover due to environmental conditions, according 

to table 4.4N of [28] (here  ): 

Table 3.9: In terms of durability, the minimum cover needed 

  

∆𝑐ௗ௨,ఊ is the additive safety element, whose recommended value according to 
Eurocode 2 [28], at §4.4.1.2(6), is 0 𝑚𝑚; 

- ∆𝑐ௗ௨,௦௧ is the reduction of minimum cover for use of stainless steel, whose 

recommended value according to Eurocode 2 [28], at § 4.4.1.2(7), is 

0 𝑚𝑚; 

- ∆𝑐ௗ௨,ௗௗ is the reduction of minimum cover for use of additional 

protection, whose recommended value according to Eurocode 2 [28], at 

§4.4.1.2(8), is 0 𝑚𝑚; 
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Taking into account all the previous suggestions, the assumed values are: 

- c୫୧୬,ୠ = 18 mm  for the beams and c୫୧୬,ୠ = 20 mm for the columns, 

according to the design bars’ diameter (i.e. 𝜙18 for the beams and 𝜙20 

for the columns); 

- c୫୧୬,ୢ୳୰ = 25 𝑚𝑚, being the structural class S4 and the exposure 

coefficient XC2; 

- ∆𝑐ௗ௨,ఊ = ∆𝑐ௗ௨,௦௧ = ∆𝑐ௗ௨,௦௧ = 0 𝑚𝑚 

- Thus, according to (3.2), the minimum concrete cover is 

𝑐 = max{20;  25; 10} = 25mm. 

 

 

In conclusion, considering that the recommended value of  ∆𝑐ௗ௩ is 10𝑚𝑚 

according to §4.4.1.2 of Eurocode 2 [28], referring to equation Errore. L'origine 

riferimento non è stata trovata.) 

𝑐 = 𝑐 +  ∆𝑐ௗ௩ = 25 + 10 = 35 𝑚𝑚, 

used both for columns and beams. 

 

3.5 Actions  

In § 2.5 of the DM2018, an action is defined as any consequence or set of 

consequences capable of inducing limit states in a structure. Loads can be 

classified according to the variation of their intensity over time as (definitions are 

taken from Eurocode 0 [5]): 

- Permanent loads (G): “action that is likely to act throughout a given 

reference period and for which the variation in magnitude with time is 

negligible, or for which the variation is always in the same direction 

(monotonic) until the action attains a certain limit value”  

- Variable loads (Q): “action for which the variation in magnitude with time 

is neither negligible nor monotonic” 

- Accidental (exceptional) loads (A): “action, usually of short duration but 

of significant magnitude, that is unlikely to occur on a given structure 

during the design working life” 

- Seismic actions (E): “action that arises due to earthquake ground motions”  
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Depending on the limit states to be considered, actions can be combined as 

follows: 

- Fundamental combination, usually assumed for Ultimate Limit State 

(ULS):  

         𝛾ீଵ𝐺ଵ +  𝛾ீଶ𝐺ଶ + 𝛾𝑃 + 𝛾ொଵ𝑄ଵ + 𝛾ொଶΨଶ𝑄ଶ + 𝛾ொଷΨଷ𝑄ଷ+... (3.3) 

- Rare combination, usually assumed for irreversible Serviceability Limit 

State (SLS):  

          𝐺ଵ +  𝐺ଶ + 𝑃 + 𝑄ଵ + Ψଶ𝑄ଶ + Ψଷ𝑄ଷ+.. (3.4) 

- Frequent combination, usually assumed for reversable Serviceability 

Limit State (SLS):  

          𝐺ଵ +  𝐺ଶ + 𝑃 + Ψଵଵ𝑄ଵ + Ψଶଶ𝑄ଶ + Ψଶଷ𝑄ଷ+.. (3.5) 

- Quasi-permanent combination (SLS), usually assumed for reversable long 

term effects:  

          𝐺ଵ +  𝐺ଶ + 𝑃 + Ψଶଵ𝑄ଵ + Ψଶଶ𝑄ଶ + Ψଶଷ𝑄ଷ+.. (3.6) 

- Accidental combination, usually assumed for Serviceability Limit State 

(SLS) and long-term effects: 

          𝐺ଵ +  𝐺ଶ + 𝑃 + Aୢ + Ψଶଵ𝑄ଵ + Ψଶଶ𝑄ଶ + Ψଶଷ𝑄ଷ+.. (3.7) 

- Seismic combination, usually assumed for both SLS and ULS, when 

considering seismic actions: 

          𝐺ଵ + 𝐺ଶ + 𝑃 + Ψଶଵ𝑄ଵ + Ψଶଶ𝑄ଶ+.. (3.8) 

 

where: 

- γG1 partial coefficient of structural standing loads; 

- γG2 partial coefficient of non-structural standing loads; 

- γQ partial coefficient of variable shares; 

- Ψ coefficients of combinations relative to the j-th variable 

action; the values of the combination factors T depend on the type 

of action considered, the intended use of the structure and the 
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design situation, as reported in Table 2.5.I of DM2018: 

 

Table 3.10: Coefficients of combination 

 

3.5.1 Permanent actions  

Permanent structural actions (G1) are represented by the proper weight of 

pillars and beams, which is taken into account by the calculation software, which 

receives as input the dimensions and specific weight, as well as the weight of the 

latero-cement floor, with load-bearing joists in reinforced concrete and interposed 

brick lighting blocks, the geometry of which is shown in Figure 3.4: 

 

 

Figure 3.3: Slab design 
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The fraction of permanent structural load of the floor is calculated taking into 

account the various contributions, and is equal to 3.20 kNÚm2, as indicated in 

Table 3.11: 

 

Table 3.11: Permanent structural load of the slab 

 
𝑾𝒊𝒅𝒕𝒉 [𝒎] 𝑻𝒉𝒊𝒄𝒌𝒏𝒆𝒔𝒔[𝒎] 

𝑾𝒆𝒊𝒈𝒉𝒕 
 [𝒌𝑵/𝒎𝟑] 

 𝒈𝟏 [𝒌𝑵/𝒎𝟐] 

Slab 1.00 0.05 25 1.25 
Rib 2x0.10 0.18 25 0.90 
Brick 2x0.40 0.18 7.3 1.05 
    3.20 

The permanent non-structural loads (𝑮𝟐) are given by the non-structural 

parts of the slabs (screed, floor and plaster) and the inner walls. The former is 

equal to 1.40 𝑘𝑁/𝑚ଶ, as Table 3.12 shows: 

Table 3.12: Slab’s permanent non-structural load  

 
𝑾𝒊𝒅𝒕𝒉 [𝒎] 𝑻𝒉𝒊𝒄𝒌𝒏𝒆𝒔𝒔[𝒎] 

𝑾𝒆𝒊𝒈𝒉𝒕 
 [𝒌𝑵/𝒎𝟑] 

 𝒈𝟐 [𝒌𝑵/𝒎𝟐] 

Screed 1.00 0.05 16.0 0.8 

Floor - - - 0.20 

Plaster 1.00 0.02 20.0 0.40 

    1.40 

The other part of 𝐺ଶ, related to the internal walls, can be computed considering 

the Figure 3.4Errore. L'origine riferimento non è stata trovata.: 

 

Figure 3.4: Design for the interior walls 

From the values of the weight per unit volume of the following materials 

and the thickness, the weight per unit of area of the internal masonry is 
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obtained (Table 3.13): 

Table 3.13: Weight of internal walls 

 
𝑾𝒊𝒅𝒕𝒉 [𝒎] 𝑾𝒆𝒊𝒈𝒉𝒕 [𝒌𝑵/𝒎𝟑]  𝒈𝟐 [𝒌𝑵/𝒎𝟐] 

Brick 0.08 6.0 0.48 

Plaster 0.01 20.0 0.40 

   0.88 

To determine the 𝐺ଶvalue connected to the internal walls, code 

guidelines recommend referring to loads per m², beginning with the load per 

metre. This amount may be simply calculated for the current situation by 

multiplying the previous load by the floor height, as shown below: 

 
𝐺ଶ = 2.65 ∙ 0.88 = 2.33𝑘𝑁/𝑚 

 

The DM2018 standard in § 3.1.3, with regard to internal partition 

elements, suggests ordinary  surface load values to refer to: partitions and 

light systems of residential and office buildings can generally be assumed as 

equivalent distributed loads, provided that the floors have adequate 

transverse distribution capacity. The uniformly distributed load g2 may be 

correlated to the own weight per unit length G2 of the partitions as follows: 

- for dividing elements with G2 ≤ 1.00 kNÚm → g2 = 0.40 kN/m2 

- for dividing elements with 1.00 < G2 ≤ 2.00 kNÚm→   g2 = 0.80 kN/m2 

- for dividing elements with 2.00 < G2 ≤ 3.00 kNÚm→   g2 = 1.20 kN/m2 

- for dividing elements with 3.00 < G2 ≤ 4.00 kNÚm→   g2 = 1.60 kN/m2 

- for dividing elements with 4.00 < G2 ≤ 5.00 kNÚm→   g2 = 2.00 kN/m2 

 

In this situation, given the load of 2.33 kN/m, the surface load to be 

considered is 1.20 kN/m2. 

Surface loads are appropriately multiplied by the area of influence's depth of 

5 metres and treated as linear loads acting on the beams. 

The total permanent non-structural load is then equal to 𝒈𝟐 =

𝟐. 𝟔𝟎 𝒌𝑵/𝒎𝟐. 

(3.10) 
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3.5.2 Variable actions  

The variable overload due to use, according to Table 3.1.II of DM2018 

[9], is equal to 2.00 kN/m2 for intermediate floors and 0.50 kN/m2 for 

roofing. 

The action of the wind is calculated according to the indications of § 3.3 of 

the DM2018: 

𝑝 =  𝑞 ∙ 𝑐 ∙ 𝑐 ∙ 𝑐ௗ (3.9) 

where: 

- 𝑞 is kinetic wind pressure 

The kinetic wind pressure 𝑞 is computed using the following formula: 

 
𝑞 =

1

2
𝜌𝑣

ଶ 
(3.10) 

Considering an air density 𝜌 = 1,25 𝑘𝑔/𝑚ଷ and a reference wind velocity  

𝑣 = 31.3 𝑚/𝑠 for L’Aquila city. Thus, by plug in these values on (3.10), it results 

𝑞 = 612,3 𝑁/𝑚ଶ. 

- 𝑐 is the exposure factor  

The exposure coefficient 𝑐 is given by the following formulae: 

 𝑐(𝑧) = 𝑘
ଶ𝑐௧ ln(𝑧 𝑧⁄ ) [7 + 𝑐௧ ln(𝑧 𝑧⁄ )]  for 𝑧 ≥ 𝑧 (3.11) 

 

 

𝑐(𝑧) = 𝑐(𝑧)                                            for 𝑧 < 𝑧 (3.12) 

where: 

 𝑘 , 𝑧 , 𝑧 are given in table 3.3.II of DM2018 [9] depending on the 

exposure category of the site. Since the category is V, it results: 𝑘 = 0.23,  𝑧 =

0,70𝑚 , 𝑧 = 12𝑚 

 𝑐௧ is the topography coefficient and the normative suggests        𝑐௧ = 1 

Thus, it is possible to define the exposure coefficient as function of the height 

𝑧, expressed in meters: 
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Table 3.14: Exposure coefficient 𝑐 , as function of the height 

𝒛 [𝒎] 0 3 6 9 12 15 
𝒄𝒆 [−] 1.48 1.48 1.48 1.48 1.48 1.63 

 
- 𝑐 is the shape coefficient (or aerodynamic) and it is assumed equal to 

0.80 for the upwind surface and −0.45 for the downwind surface 

- 𝑐ௗ  is the dynamic factor, the normative suggests to assume 𝑐ௗ = 1 

In conclusion, by plug in all these coefficients and taking into account an 

influence area of 5 meters, it is possible to obtain the distribution of the wind 

pressure along the height: 

 

Table 3.15: Relationship between wind pressure and height 

𝒛  
[𝒎] 

𝒑𝒖𝒑  
[𝒌𝑵/𝒎] 

𝒑𝒅𝒐𝒘𝒏 
 [𝒌𝑵/𝒎] 

0 3.60 
-

1.80 

3 3.60 
-

1.80 

6 3.60 
-

1.80 

9 3.60 
-

1.80 

12 3.60 
-

1.80 

15 4.00 
-

2.00 

The snow load is determined by the following expression (§ 3.4 of the 
DM2018): 

 𝑞௦ = 𝜇 ∗ 𝑞௦ ∗ 𝐶ா ∗ 𝐶௧ (3.13) 

where: 

- 𝑞௦ is the characteristic ground snow load and it depends on the location of 

the city (L’Aquila is in zone III) and on the elevation of the site (714 meters 

over the sea level for L’Aquila). Thus, referring to § 3.4.2, it results 𝑞௦ =

2.72𝑘𝑁/𝑚ଶ 

- 𝜇 is the shape coefficient and depends on the inclination angle of the 

roofing. For the specific case, the roof is planar, thus referring to table 3.4.II 

of DM2018 [9], 𝜇 = 0.8 

- 𝐶ா is the exposure coefficient, suggested unitary in § 3.4.4 

- 𝐶௧ is the thermal coefficient, suggested unitary in § 3.4.5 
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In conclusion, the snow load is 𝑞௦ = 2.17 𝑘𝑁/𝑚ଶ for the case study. 

3.5.3 Seismic action 

This action is specified in section 3.2 of DM2018 [9], where the design 

seismic action is determined as a function of the seismic hazard of the site, as well 

as the morphological and stratigraphic characteristics of the ground on which the 

building is built: 

𝑆(𝑇) = 𝑓(𝑎, 𝐹, 𝑇
∗) 

where: 

- 𝑎 is the design ground acceleration on ground type A  

- 𝐹 is the maximum horizontal amplification factor 

- 𝑇
∗ is the corner period at the upper limit of the constant acceleration 

region of the elastic spectrum 

The abovementioned variables are assessed in respect to a VR of 50 years and 

computed using the equation (3.1). 

The Excel file released by the Ministry of Infrastructure and Transport was 

used to create the response spectrum. The elastic response spectrum was obtained 

by entering the geographical coordinates of the region under investigation in phase 

1, the nominal life and coefficient of utilization in phase 2, the soil category and 

topographic one in phase 3. The parameters entered are summarised as follows: 

 Nominal life VN = 50 years; 

- Coefficient of use CU = 1; 

- Soil category: B (soft rocks and deposits of very thickened coarse-

grained soils or very consistent fine-grained soils); 

- Topographic class: T3 

The spectrum was also analysed in relation to the reinforced concrete 

structure with conventional damping =5%. 

An extra parameter, the structural factor q, must be defined for the 

inelastic design response spectrum. Taking into account the structural 

typology, ductility class, elevation regularity, and number of floors, the 

structure factor is calculated using the method shown in 7.3.1 of the 
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DM2018: 

q = q0 KR (3.16) 

Because the structure is regular, the parameter KR, which is a reductive 

factor that depends on the characteristics of regularity in height of the 

buildings, is assumed to be equal to 1; q0 is the base value of the structure 

factor, which depends on the expected ductility level, the structural type, and 

the ratio u1. Using the high ductility class "A," the value of q0 is calculated 

using the following relation: 

𝑞 = 4.5 ∙
𝛼௨

𝛼ଵ
= 4.5 ∙ 1.3 = 5.85 

having chosen a ductility class A and 𝛼௨/𝛼ଵ = 1.3 for multi-storey frames 

Ultimately q will be equal to: 

q = q0 KR = 5.85 ∙ 1 = 5.85 

The response spectrum at the ultimate limit state (Figure 3.5) and the 

serviceability limit state (Figure 3.6) are shown below. 

 

 
Figure 3.5: Response spectrum at ULS 

 
Figure 3.6: Response spectrum at SLS 
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3.6 Modal analysis 

While taking into consideration the DM2018, it is required to consider 

all of the eigenvalues and eigenvectors that have the potential to contribute 

significantly to the response of a structure when seen from a global 

perspective. In particular, it is essential to make sure that: 

- The sum of the modal masses of the considered vibration modes should 

represent the 85% of the total mass of the structure 

- The examined modes must have a modal more than 5% of the structure's 

overall mass. 

In this particular instance, the building is distinguished by regularity 

both in plan and in elevation; hence, it is feasible to carry out the modal 

analysis using a linear strategy. This is because the building is symmetrical 

in both planes. 

The following table presents the periods that are involved, along with 

the corresponding modal masses: 

Table 3.16: 12 initial vibration modes of modal analysis 

 

It can be observed that the 85% threshold has already been met with the 

first two modes, as well as the fact that the 5% threshold has been crossed 

for them. Hence, the suggestion indicated by the provisions of the code are 

respected. 
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Another factor to consider is the fact that the modal mass was 

determined by using the formula below, which was again recommended by 

the code rules: 

𝐺ଵ + 𝐺ଶ +  Ψଶ𝑄 (3.14) 

 

3.7 Dimensioning and verification 

As a result of taking into consideration the criticalities associated to the 

seismicity of the location, the capacity design of the building is the primary 

criterion. According to this, the structural components should be built in a 

given sequence, taking into consideration the significance that they take, in 

order to favour ductile mechanisms (bending) rather than fragile ones 

(shearing). Since beams are ductile components, it is the beams themselves 

that must first reach plasticization in order to be able to absorb and dissipate 

the energy during an earthquake. This indicates that the longitudinal 

reinforcement of the beams is calculated first, and then, as a result of it, the 

shear reinforcement of the beams as well as the bars and stirrups of the 

columns are designed. 

The procedures used for the verification of the structural elements at the 

ultimate limit and serviceability state are illustrated below, suitable to 

comply with all the checks. 

3.7.1 Beam design: bending at ULS  

The geometry of the beams is reported in Table 3.17: 

Table 3.17: Peculiarities of beams' geometry 

𝑩 [𝒎𝒎] 𝑯 [𝒎𝒎] 𝒄 [𝒎𝒎] 𝒅′ [𝒎𝒎] 𝒅 [𝒎𝒎] 
400 500 35 52 448 

The value of MEd acting on the beam must be compared with that of M 

Rd,lim, obtained as: 

𝑀ோௗ, = 0.2961 𝐵 𝑑ଶ𝑓ௗ = 503.9 𝑘𝑁𝑚 
 

Two different cases can occur: 

- if 𝑀ாௗ < 𝑀ோௗ,  the reinforcement is simply in tension 
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- if 𝑀ாௗ > 𝑀ோௗ,  also the compressive reinforcement is needed 

It has been shown that the value of the moment acting on the beam in the 

different spans is always less than M Rd,lim, equal to 503.9 kNm. Although, for 

regulatory reasons, the compression reinforcement will always be designed so 

that robustness will be increased.  

Being aware of the characteristics of steel and concrete, as well as of the 

filling coefficients β1and β2 actively equal to 0.8095 and 0.4160, it was 

possible to determine a first design value of xU, identified by the binomial 

formula, whose constituent terms are: 

a = β1 β2 B fcd (3.18) 

b = β1 B fcd d (3.19) 

c = MEd (3.20) 

Determined xU, it is possible to derive the value of the minimum 

reinforcement needed in the tensile zone by the formula: 

𝐴௦,[𝑚𝑚ଶ] =
𝛽ଵ𝐵𝑓ௗ𝑥

𝑓௬ௗ
  

(3.21) 

 

Having chosen the bar diameters, it is necessary to respect what it is 

recommended by code rules (DM2018 § 7.4.6.2.1): 

at least two bars with a diameter of less than 14 mm shall be present 

above and below along the entire length of the beam; 

- in correspondence of the critical zones (i.e. at both extremities of the 

beam), the reinforcement in compression should be not less than half of 

the one in tension, such that: 

𝜌௦
ᇱ ≥ 0.5𝜌௦. In the other sections, it should be guaranteed that 𝜌௦

ᇱ ≥

0.25𝜌௦, where: 

 
𝜌௦

ᇱ =
𝐴௦

ᇱ

𝐵𝐻
  

(3.15) 
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𝜌௦ =

𝐴௦

𝐵𝐻
  

(3.16) 

 

- in each section, the limits of the geometrical reinforcement 𝜌௦ are: 

 1.4

𝑓௬
≤ 𝜌௦ ≤ 𝜌௦

ᇱ +
3.5

𝑓௬
 

(3.17) 

 

When the reinforcement in compression and tension have been 

specified, it is important to assess whether or not these values are enough to 

provide an adequate level of resistance. To start, the depth of the neutral axis 

position may be determined using the following formula: 

𝑥 =
𝑓௬ௗ(𝐴௦ − 𝐴௦

ᇱ )

𝛽ଵ𝑓ௗ𝐵
 

(3.18) 

 

To validate the original assumption about the material's strengths (field 3, 

where 𝜀ௗ = 0.35% and 𝜀௦ > 0.196%), an 𝑥 value is computed, solving the 

equation: 

 𝐶 + 𝑆ᇱ − 𝑆 = 0 (3.19) 

 

where 𝐶 = 𝛽ଵ𝑓ௗ𝐵𝑥, 𝑆 = 𝑓௬ௗ𝐴௦ and 𝑆ᇱ = 𝑓௬ௗ𝐴௦
ᇱ = 𝜀௦

ᇱ𝐸௦𝐴௦
ᇱ  

Once 𝑥 is computed, the verifications are: 

- Ductility: 𝑥 < 0.45𝑑 

- Resistant moment: MEd < MRd with MRd calculated by balance around 

the tense armor: 

 𝑀ோௗ = 𝛽ଵ𝑓ௗ𝐵𝑥(𝑑 − 𝛽ଶ𝑥) + 𝐴௦
ᇱ 𝑓௬ௗ(𝑑 − 𝑑′) (3.20) 

 

To simplify the arrangement of the longitudinal reinforcement of the beams, 

only bars with a diameter of 18 mm were used. 
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The assessments (ULS for bending and construction details) require the 

adoption of the following disposition: 

- 3 continuous bars in the lower part for all the beams and for the entire 

length of the same, suitable to support the positive moments in the span; 

- 2 bars in the upper part for all the beams, which crossing each other, such 

that on the nodes beam-column the total amount of bars is 4; 

- from 1 to 3 additional bars in the upper part in correspondence of the 

nodes, to obtain a reinforcement used to retain the peaks of negative 

applied bending moment. 

3.7.2 Beams – shear at ULS 

For load-bearing beams, the reference legislation prescribes to design the 

structure with an appropriate shear reinforcement. 

The brackets are arranged with variable sw pitch along the beam in order to 

meet the regulatory requirements in terms of strength and minimum quantity of 

transverse reinforcement. 

The shear action should be determined in accordance with the resistance 

hierarchy criteria, beginning with the bending moments at the ends of the beams 

at the time of the creation of the plastic hinges and taking into consideration the 

contribution due to gravity loads, as follows: 

 
𝑉ாௗ = 𝛾ோௗ

𝑀ோ,ଵ + 𝑀ோ,ଶ

𝑙
+

1

2
(𝐺 + 𝜓ଶ𝑄)𝑙  

(3.21) 

 

where: 

- 𝑙 is the length of the simply supported beam 

- 𝑀ோ,ଵ is the resistant bending moment of the first support 

- 𝑀ோ,ଶ is the resistant bending moment of the second support 

- 𝛾ோௗ overstrength factor, taken equal to 1.0 for 𝑞 ≤  3, or to 1.2 

otherwise 

- 𝐺 + 𝜓ଶ𝑄 gravitational load 

Calculated the shear action, we proceed with the classic shear reinforcement 

design, indicated in § 4.1.2.3.5.2 of the DM2018. 
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The calculation model is based on the Ritter-Morsch model, an ideal isostatic 

lattice that is formed due to the combined effect of bending and cutting, consisting 

of an upper current of compressed concrete, a tense lower current represented by 

the longitudinal reinforcement, concrete struts inclined by θ with respect to the 

longitudinal direction and tie rods with inclination α with respect to the 

longitudinal direction represented by stirrups, in this case vertical, therefore α = 

90° . 

Assuming this behavior, with reference to concrete struts, the design 

resistance to "compression shear" is calculated with: 

 
𝑉ோௗ = 0.9𝑑𝑏௪𝛼𝜐𝑓ௗ

𝑐𝑜𝑡𝑔𝛼 + 𝑐𝑜𝑡𝑔𝜗

1 + 𝑐𝑜𝑡𝑔ଶ𝜗
   (3.22) 

 

On the other hand, the design resistant shear, referred to the steel stirrups, is: 

 
𝑉ோ௦ௗ = 0.9𝑑

𝐴௦௪

𝑠
𝑓௬ௗ(𝑐𝑜𝑡𝑔𝛼 + 𝑐𝑜𝑡𝑔𝜗)𝑠𝑖𝑛𝛼   (3.23) 

 

where: 

- 𝑑 is the effective height of the cross-section 

- 𝑏௪ is the width of the cross-section 

- 𝛼 is a coefficient that considers the tension state of the compressive chord, 

for this case equal to 1 

- 𝜐𝑓ௗ design value of compressive strength, reduced with a quantity 𝜐 =

0.5 

- 𝛼 stirrups inclination with respect to the longitudinal reinforcement 

direction (i.e. horizontal) 

- 𝜗 strut inclination, value that should respect the limits: 1 ≤ 𝑐𝑜𝑡𝑔𝜗 ≤ 2.5 

and 𝑐𝑜𝑡𝑔𝜗 = 1 for CD “A” 

- 𝐴௦௪ is the area of the transversal reinforcement 

- 𝑠 is the distance between consecutive transversal stirrups 

The verifications consist of guaranteeing that: 

- 𝑉ாௗ
ᇱ < 𝑉ோௗ where 𝑉ாௗ

ᇱ  is the shear value in correspondence of the joint 

with the column 

- 𝑉ாௗ
ᇱᇱ < 𝑉ோ௦ௗ where 𝑉ாௗ

ᇱᇱ is the shear value at a distance 𝑑 from the joint with 

the column 
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- 𝑉ோ௦ௗ > 𝑉ோௗ for ductility reasons 

For the definition of the construction details, the dissipative zone is 

distinguished from the non-dissipative one. The dissipative zone, with a length 

equal to 1.5 and 1.0 times the height of the beam, respectively for CD "A" and CD 

"B", is the area at the end of the beam, where the formation of plastic hinges is 

expected.  

There are limitations regarding both the dissipative and non-dissipative areas, 

defined at DM2018 § 4.1.6.1.1 and § 7.4.6.2.1. In particular: 

In the dissipative area the stirrups should have a step s that is the minimum 

among: 

- a quarter of the effective height 𝑑 of the cross-section  

- 175 mm and 225 mm respectively for CD “A” and CD “B” 

- 6 times and 8 times the minimum diameter of the longitudinal bars 

respectively for CD “A” and CD “B” 

- 24 times the diameter of the transversal reinforcement 

In the non-dissipative zone, i.e. the one between the two dissipative zones of 

the beams, the stirrups must comply with the following limitations: 

- The cross-section of the stirrups should be at least 𝐴௦௧ = 1.5𝑏 𝑚𝑚ଶ/𝑚 

where 𝑏 is the minimum width of the web 

- At least there should be 3 stirrups per meter 

- The step should be not larger than 0.8 times the effective height 𝑑 of the 

cross-section  

In order to comply with the checks and limitations mentioned above, it was 

decided to use an equal arrangement of the transverse reinforcements for all the 

beams of the frame, which includes two-arm stirrups, a diameter of 8 mm and the 

following inter-axes: 

- 7.5 cm in the dissipative zones; 

- 15 cm in non-dissipative zones. 
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3.7.3 Beams – SLS 

STRESS LIMITATION 

These restrictions are outlined in Section 7.2 of EC2 [28], where it is advised 

to keep the concrete's compressive stress within safe limits to prevent longitudinal 

fractures, microcracks, or significant levels of creep. 

Limit values: 

- 𝜎 < 0.6 𝑓 for the characteristic combination 

- 𝜎 < 0.45 𝑓 for the quasi-permanent combination 

- 𝜎௦ < 0.8 𝑓௬ for the characteristic combination 

Stresses in concrete and steel are computed using Navier formula: 

𝜎 =
𝑀

𝐼,௫
𝑦 (3.24) 

 

𝜎௦ = 𝑛
𝑀

𝐼,௫
𝑦 (3.25) 

 
 

where 𝑥 is the position of the neutral axis (found through he cancellation of 

the static moment of the section), n indicates the homogenization coefficient (in 

order to calculate the homogenized moment of inertia of the section) and y value 

indicates the distance from the neutral axis of the considered fiber (i.e. 𝑦 is taken 

as the distance of the longitudinal bars for the steel stresses calculation while for 

the  concrete stresses computation is the extremity of the cross-section because it 

is the most stressed part).  

By calculating the stresses in the most stressed points, all the cross-sections 

of the beams result verified. 

 

CRACKING 

It is necessary to limit the width of the cracks in order not to compromise the 

functionality, durability and aesthetics of the structure. 

The EC2 allows the use of limit values for the opening of the wmax slots, 

indicated in Table 7.1N of the same standard, depending on the load combination 
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and the environmental exposure class; the verification can be carried out through 

the analytical calculation of the amplitude of the slits: 

 𝑤 = 𝑠,௫(𝜀௦ − 𝜀)   (3.26) 
 

where: 

- 𝑠,௫ = 𝑘ଷ𝑐 + 𝑘ଵ𝑘ଶ𝑘ସΦ/𝜌 is the maximum crack distance 

- 𝑐  is the concrete cover 

- 𝑘ଵ coefficient  taking into account the adhesion properties of the 

reinforcement (0.8 for bars with improved adhesion;  1.6 for smooth bars); 

- 𝑘ଶ coefficient taking into account the distribution of deformations (0,5 for 

bending;  1.0 for pure traction); 

- 𝑘ଷ = 0.4 

- 𝑘ସ = 0.425 

- 𝜀௦ the average deformation of the reinforcement, taking into account the 

deformations imprinted and the effect of "tension stiffening"; 

- 𝜀 average deformation of the concrete between the cracks. 

 

The difference between the two strains in formula (3.26) is computed as 

follow: 

 

𝜀௦ − 𝜀 =
𝜎௦,௫ −

𝑘௧𝑓௧

𝜌 ൫1 + 𝛼𝜌൯

𝐸௦
  

 
(3.27) 
 

 

Where: 

- 𝑘௧ is a factor that is function of load duration (0.6 for short duration and 

0.4 for long duration) 

- 𝛼 = 𝐸௦/𝐸 

- 𝜌 = 𝐴௦/𝐵 ℎ, 

Moreover, the difference at should be larger or equal to 0.6 𝜎௦,௫ 𝐸௦⁄ . 

All the cross-sections of the beams result verified. 
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DEFLECTION 

The functionality of the structure must be guaranteed by establishing 

appropriate deformation limit values. In general we have that: 

- The appearance and functionality of the structure can be compromised if 

the deflection of a beam, slab or cantilever subjected to quasi-permanent 

loads is greater than 1/250 of the span; 

- For the elements brought, such as partitions, walls, fixtures, windows, the 

inflection must not exceed 1/500 of the span. 

 

According to the circular to DM2018, for beams and floors with lights not 

exceeding 10 m it is possible to omit the verification of inflections, considering it 

implicitly satisfied, if the ratio of slenderness λ = l/h between light and height 

complies with the limitation: 

 

𝜆 ≤ 𝐾 ൬
11 + 0.0015𝑓

𝜌 + 𝜌ᇱ ൰ ቆ
500𝐴௦,

𝑓௬𝐴௦,
ቇ 

 
(3.28) 
 

 

where fck is the characteristic compressive strength of concrete, ρ and ρ′ are 

the ratios of tense and compressed reinforcement, respectively, 𝐴௦, and 𝐴௦, 

are respectively the tension reinforcement effectively present on the most stressed 

cross-section and the corresponding reinforcement that has been calculated, fyk is 

the yield strength characteristic of the armature (in MPa) and K is a corrective 

coefficient, which depends on the structural scheme. All the beams result verified. 

 

3.7.4 Column: bending and compression at ULS  

The DM2018 [9] at § 4.1.6.1.2 and 7.4.6.2.2 contain the reference code rules, 

which prescribe limitations on the longitudinal reinforcement as follows: 

- The diameter of longitudinal bars should be greater than or equal to 12 

mm, and the distance between the bars should not exceed 300 mm. 

- The reinforcement area should be at least equal to 0.10NEd/fyd and not less 

than 0.003A_c, where NEd is the design axial force acting on the column, 
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fyd is the design yield strength of the reinforcement, and Ac is the cross-

sectional area of the column. 

- The ratio ρ between the area of the longitudinal reinforcement and the 

gross concrete cross-section should be within the limits of 1%≤ρ≤4%. 

For this particular case study, all columns have a cross-section of 

600x600=3600mm2, and 12 bars of 20 mm diameter each have been selected. 

Among these, 4 are located on the sides and 8 are in the intermediate position, 

resulting in a total area of 3770 m2. 

Following the criteria of hierarchy of resistances (capacity design), for each 

direction and each seismic action directions of application, the column must be 

protected from premature plasticization by adopting appropriate design bending 

moments: this condition is achieved if, for each beam-column node and for each 

direction and seismic action direction, the overall resistance of the columns is 

greater than the overall strength of the beams amplified by a coefficient γRd, in 

accordance with § 7.4.4.2.1 of the DM2018. 

 𝑀,ோௗ ≥ 𝛾ோௗ  𝑀,ோௗ (3.29) 
 

 

where: 

- γRd coefficient of overstrength, equal to 1.30 for CD "A" and "B"; 

- Mc,Rd resistant moment of the generic column converging in the node, 

computed for the levels of axial stress present in the seismic combinations 

of the actions; 

- Mb,Rd resistant moment of the generic beam that converges in the node. 

3.7.5 Column: shear at ULS  

In order to exclude the formation of inelastic mechanism due to shear, 

the criterion of the hierarchy of resistances provides that the shear stresses to 

be used for checks and reinforcements dimensioning are obtained from the 

columns equilibrium condition, subject to the action of resistant moments in 

the upper end sections Ms
c,Rd and lower Mi

c,Rd, according to the expression 

given by DM2018 in § 7.4.4.2.1: 
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𝑉ாௗ = 𝛾ோௗ

 𝑀,ோௗ
௦ + 𝑀,ோௗ 



𝑙
 

(3.30) 
 

where: 

- γRd overstrength coefficient equal to 1.30 for CD "A" and 1.10 for CD 

"B"; 

- lp length of the pillar. 

Computed the stressful shear, we proceed with the classic shear design, 

indicated in § 4.1.2.3.5.2 of the DM2018. 

As described for the beams, the calculation model is based on the Ritter-

Morsch model. Assuming this behavior, with reference to concrete core, the 

design resistance to "compression shear" is calculated with: 

𝑉ோௗ = 0.9𝑑𝑏௪𝛼𝜐𝑓ௗ

𝑐𝑜𝑡𝑔𝛼 + 𝑐𝑜𝑡𝑔𝜗

1 + 𝑐𝑜𝑡𝑔ଶ𝜗
   

With reference to the transverse reinforcement, the design resistance to 

"tensile shear" is calculated with: 

 
𝑉ோ௦ௗ = 0.9𝑑

𝐴௦௪

𝑠
𝑓௬ௗ(𝑐𝑜𝑡𝑔𝛼 + 𝑐𝑜𝑡𝑔𝜗)𝑠𝑖𝑛𝛼   (3.36) 

where: 

- 𝑑 is the effective height of the cross-section 

- 𝑏௪ is the width of the cross-section 

- 𝛼 is a coefficient that considers the tension state of the compressive chord, 

for this case equal to 1 

- 𝜐𝑓ௗ design value of compressive strength, reduced with a quantity 𝜐 =

0.5 

- 𝛼 stirrups inclination with respect to the longitudinal reinforcement 

direction (i.e. horizontal) 

- 𝜗 strut inclination, value that should respect the limits: 1 ≤ 𝑐𝑜𝑡𝑔𝜗 ≤ 2.5 

and 𝑐𝑜𝑡𝑔𝜗 = 1 for CD “A” 

- 𝐴௦௪ is the area of the transversal reinforcement 

- 𝑠 is the distance between consecutive transversal stirrups 

It should also be verified, for reasons ductility reasons, that VRsd is 

greater than VRcd. 
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According to § 7.4.6.1.2 of the DM2018, in the absence of more accurate 

analysis, it can be assumed that the length of the dissipative zone is the 

maximum of: 

- the height of the cross section; 

- 1Ú6 of the effective height of the column; 

- 45 cm; 

- the free height of the column, if this is less than 3 times the height of the 

cross section. 

According to § 7.4.6.2.2 of the DM2018, the following conditions must 

be guaranteed in dissipative zones: 

- the bars at the corners of the cross-section have to be retained by the 

stirrups 

- at least one bar over two, among the ones located at the sides, should be 

retained by the stirrups 

- the non-retained bars should be located at less than 20 cm from the 

adjacent retained one for CD “A” and 15 cm for CD “B” 

The diameter of the containment stirrups should be not less than 6 mm 

and their step must be no higher than the lesser of the following quantities: 

- 1Ú3 or 1Ú2 of the minimum side of the cross section for CD "A" and CD 

"B"; 

- 175 mm for CD "B" or 125 mm for CD "A"; 

- 6 or 8 times the diameter of the longitudinal bars for CD "A" and CD "B". 

In each column and across the entire length, two stirrups with two arms 

have been placed, for a total of four. The diameter of each stirrup is 8 mm 

with a step of 10 cm. 

With this reinforcement value, all columns are verified. 

 

3.7.6 Joints 

The portion of the column where the latter connects the beam is known 

as a joint. It is crucial for the capacity design that the connection does not 

reach collapse before the surrounding beams and columns do. The 
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verifications mandate that the joint's maximal compression and tension do 

not exceed the concrete's strength. 

The horizontal shear occurring on a joint, for each seismic direction, is 

calculated as follows according to DM2018's section 7.4.4.3.1: 

- For internal joints 

  𝑉ௗ = 𝛾ோௗ(𝐴௦ଵ + 𝐴௦ଶ)𝑓௬ௗ − 𝑉 (3.317) 
 

- For external joints 

  𝑉ௗ = 𝛾ோௗ𝐴௦ଵ𝑓௬ௗ − 𝑉 (3.38) 
 

where: 

- 𝐴௦ଵ is the beam reinforcement in the upper chord 

- 𝐴௦ଶ is the beam reinforcement in the lower chord 

- 𝑉 is the shear that acts on top of the joint, at the level of the column 

- 𝛾ோௗ overstrength factor, taken equal to 1.2 for CD “A” and 1.1 for CD “B” 

The diagonal compression induced in the joint by the lattice mechanism 

must not be higher than the compressive strength of concrete; in the absence 

of a more accurate model, this requirement can be verified by the use of the 

following rule: 

𝑉ௗ ≤ 𝜂 𝑓ௗ  𝑏 ℎඥ1 − 𝜈ௗ/𝜂 (3.39) 
 

where: 

- 𝜂 = 𝛼(1 − 𝑓/250) and 𝛼 equal to 0.48 for external joints and 0.60 for 

internal  

- 𝜈ௗ = 𝑁ாௗ/(𝐴𝑓ௗ) normalized compressive stress, acting in the column 

above the joint 

- ℎ distance from the more external bars of the column 

- 𝑏 effective width of the joint, equal to the minimum between:  

 the maximum among the sides of column and beam cross-sections 

 the minimum between the sides of column and beam cross-section, 

both increased to half of the column’s cross-section height  

Due to the existence of transversal reinforcement it is possible to prevent 

diagonal cracking of the joint, however it is important to ensure that: 
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- For internal joints 

  𝐴௦𝑓௬௪ௗ ≥ 𝛾ோௗ(𝐴௦ଵ + 𝐴௦ଶ)𝑓௬ௗ(1 − 0.8𝜈ௗ) (3.40) 
 

- For external joints 

  𝐴௦𝑓௬௪ௗ ≥ 𝛾ோௗ𝐴௦ଶ𝑓௬ௗ(1 − 0.8𝜈ௗ) (3.41) 
 

There are a total of 4 stirrups, each with 2 arms, which have been 

incorporated in each joint. For all stirrups, the diameter is 8 mm, and the step 

is 5 cm. 

All of the columns' results are validated using this reinforcement value. 

3.7.7 Capacity design - Design solutions’ summary 

Below are summarized the main characteristics of the frame designed 

according to the method at the ultimate limit state, in compliance with the 

hierarchy of the resistances and the constructive limitations of Eurocodes and 

DM2018:  

- Columns’ cross section: 60 x 60 cm 

- Beams cross section: 40x50 cm  

- Columns reinforcement: transversal: stirrups with 4 arms, diameter 8 mm, 

steps 10 cm longitudinal: 12 bars with diameter 20 mm 

- Beams reinforcement: transversal (dissipative zone): stirrups with 2 arms, 

diameter 8 mm, steps 7.5 cm transversal (non-dissipative zone): stirrups 

with 2 arms, diameter 8 mm, steps 15 cm longitudinal (dissipative zone): 

3 bars with diameter 18 mm in the lower chord, 5 bars with diameter 18 

mm in the upper chord longitudinal (non-dissipative zone): 3 bars with 

diameter 18 mm in the lower chord, 2 bars with diameter 18 mm in the 

upper chord 

- Joints transversal reinforcement: stirrups with 4 arms, diameter 8 mm, 

steps 5 cm  

- Concrete cover: 35 mm 

 



 

75  

3.7.8 Design characteristics of the improved frame 

As was previously indicated, the second frame under examination does 

not have the same structural features as the original structure as has been 

previously explained. This is due to the fact that in earlier works of thesis, 

several design approaches were tested in an effort to improve the robustness 

of the same structure. 

The various approaches are examined in the sections that follow, 

accompanied by a summary of the improved frame's structural properties. 

3.7.9 Previous robustness evaluation’s summary 

Several analyses have indicated that the behavior of the frame as 

designed according to seismic capacity design is insufficient to prevent 

disproportionate collapse in the event of column removal. Particularly, the 

discontinuity between the dissipative and non-dissipative zones, in terms of 

reinforcement and concrete confinement, leads to the formation of plastic 

hinges in locations where they should not occur and the rupture of the 

longitudinal rebars, which is the most important factor in ensuring 

robustness. 

Three key details have considerably enhanced the performance of the 

frame in response to column removal: 

 Continuity of longitudinal bars along beams, which enhances 

ultimate displacement 

 Symmetry of longitudinal beam bars between the upper and 

lower chords, which promotes flexural and membrane strength. 

 Equality of longitudinal reinforcement between floors, which 

enhances flexural and membrane strength 

The presence of these three circumstances necessitates the usage of 

5Φ18 not only in the upper chord but also in the lower chord, continuously 

along the beams, and uniformly throughout all the floors. Hence, an increase 

of 10% in the column's longitudinal reinforcement will decide a 30% rise in 
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the column's resistance against removal. 

After this, another test was conducted to examine the effects of 

increasing the number of bars to 7Φ18, continuing to follow to the 

aforementioned three requirements. This has led to an increase in the bending 

peak, but a decrease in the final displacement; as a consequence, the 

behaviour is now more fragile. 

Another strategy has included the centralization of the bars, which was 

accomplished by lowering the effective height and increasing the concrete 

cover. This has revealed that there is a decline in resistance immediately after 

the bending peak, but that there is a delay in the resistance-fall in 

correspondence of the maximum displacement. 

3.7.10 Robustness analysis - Design solutions’ summary  

The design solution chosen for the second frame in this project of thesis 

will be stated in the sections that follow, starting with the basic design feature 

and taking into account the findings of the research conducted on the same 

structure: 

Columns cross section: 60 x 60 cm 

Beams cross section: 40x50 cm  

Column reinforcement:  

transversal: stirrups with 4 arms, diameter 8 mm, steps 10 cm 

longitudinal: 12 bars with diameter 20 mm 

Beams reinforcement:  

transversal (dissipative): stirrups with 2 arms, diameter 8mm, steps 

7.5cm  

transversal (non-dissipative): stirrups with 2 arms, diameter 8mm, steps 

15cm  

longitudinal: 5 bars with diameter 18 mm both in the upper and lower 

chord 

Joints transversal reinforcement: stirrups with 4 arms, diameter 8 mm, 

steps 5cm  
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Concrete cover: 53 mm 

Additionally, because the geometrical and material features, as well as 

the usage behavior of the structure, stay invariant, the loading characteristics 

do not vary in relation to the initial design. The distribution of the loads along 

beams is resumed as follows: 

Permanent structural load 𝐺ଵ for the slabs: 16 𝑘𝑁/𝑚  

Permanent non-structural load 𝐺ଶ 13 𝑘𝑁/𝑚 

Variable loads 𝑄 for the floors: 7.28 𝑘𝑁/𝑚 

Variable loads 𝑄 for the roofing: 1.82 𝑘𝑁 𝑚⁄  
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4 ATENA 2D  

The ATENA software was utilized in two phases: first, for a pushdown 

analysis to evaluate the dynamic effect involved in the structure in the event of a 

sudden column loss; and second, for a reliability analysis. 

4.1 The Software  

ATENA 2D is a finite element software program designed for the analysis of 

reinforced concrete and masonry structures. It is widely used in civil engineering 

and construction for the assessment, design, and analysis of such structures. 

ATENA 2D employs a range of advanced material models to accurately 

simulate the behavior of concrete and masonry structures, including material 

nonlinearity, cracking, and shear deformation. The software is capable of 

modeling different reinforcement types, including rebar, prestressing tendons, and 

fiber-reinforced polymers (FRP). 

One of the key features of ATENA 2D is its ability to simulate the nonlinear 

behavior of concrete and masonry structures. The software uses advanced material 

models to simulate the behavior of these materials under various loading 

conditions. This allows users to simulate the behavior of concrete and masonry 

structures during seismic events, for example, or under other extreme conditions. 

ATENA 2D also includes advanced modeling capabilities for analyzing the 

behavior of reinforced concrete and masonry walls, slabs, and beams.  

The software can model complex geometries and perform 2D simulations of 

structures subjected to different types of loading, such as point loads, distributed 

loads, and thermal loads.  

Figure 4.1: Main features of Athena 2D (www.cervenka.cz) 
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ATENA is implemented to perform both two-dimensional and three-

dimensional analysis; in the present case, the analysis was carried out using a flat 

model, for which the section of the ATENA 2D software was used. 

The software is divided in two different interfaces: pre-processing, in which 

materials, geometry, loads, and analysis settings are configured, and post-

processing, in which the structure's deformation, cracking condition, tensions, and 

deformations of the materials can be observed. 

One advantage of ATENA 2D is the ability to manage the software without 

using a graphical interface but by writing a CCT file that can be imported. This 

file, which may be viewed using a text editor, includes alphanumeric instructions 

that define all of the input required by the program to perform the analysis. This 

method of progressing is very helpful for this thesis work since dealing with a 

sample of 100 distinct mechanical characteristic combinations is difficult when 

you have to input all of the various 100 combinations using a graphical interface. 

Both techniques will be detailed in the following sections: by graphical 

interface and via CCT file. 
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4.2 Pre-processing  

The pre-processing phase is the phase before the analysis in which all of the 

structural model's characteristics must be specified, which are represented by the 

materials, geometry, load cases, and analysis settings. 

 

 

4.2.1 Graphical interface  

As was just said, the designer is able to operate inside a graphical environment 

that is easily accessible to users while using ATENA 2D. (Figure 4.2). You have 

the possibility to save, construct the mesh, perform the analysis, zoom in or out, 

choose points, lines, or macro parts, and a variety of other functions thanks to the 

icons that are organized horizontally on the upper portion of the interface. You 

have access to all of the instructions through a sliding bar on the left-hand side of 

the screen. This gives you the opportunity to specify in a logical order all of the 

input that is to be delivered to the software. The symbol that looks like an eye may 

be used to switch the visibility of many aspects of the design, including the points, 

the nodes, the lines, and the labels associated with them, among other elements. 

Figure 4.2: Atena 2D 
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Figure 4.3: Graphical interface 

Last but not least, the general data command enables users to give the project 

a name, add comments, specify the number of decimal points that will be applied, 

and obtain information regarding the number of nodes, lines, bar reinforcements, 

load cases. 

4.2.2 Materials definition 

In the Materials section it is possible to define the following types of materials: 

- Plane Stress Elastic Isotropic; 

- Plane Strain Elastic Isotropic; 

- 3D Non Linear Cementitious; 

- SBeta Material; 

- Microplane4 Material; 

- 3D BiLinear Steel Von Mises; 

- 2D Interface | 

- Reinforcement; 

- Spring; 

- Bond for Reinforcement; 

- 3D Drucker-Prager Plasticity; 

- Material with Random Fields. 
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Concrete, which is described with SBeta Material, and steel from reinforcing 

bars, which is defined with Reinforcement, are the materials that are used in the 

modelling of a structure made of reinforced concrete. 

The term SBeta comes from the software in which this kind of material was 

initially utilised. It is an acronym for StahlBETonAnalyse, which translates to 

"analysis of reinforced concrete" from the German language. The SBeta material 

has the following concrete behaviour effects: 

- Non-linear behaviour in compression including hardening and softening 

- Fracture of concrete in tension 

- Biaxial strength failure criterion 

- Reduction of compressive strength and shear stiffness after cracking 

- Tension stiffening effect 

- Two crack models: fixed crack direction and rotated crack direction 

 

Material characterization in ATENA 2D is done by defining parameters in 

five different sections: 

- Basic, in which the tangent elastic modulus E, the Poisson coefficient 

μ, the tensile strength ft and the compressive strength must be defined 

fc. 

- Tensile, where it is possible to choose the traction model of concrete 

between exponential, linear and local deformation; there is also to 

define the softening parameter c3 and the slit model, which can be fixed 

Figure 4.4: Definition of the fundamental concrete characteristics 
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or rotated. 

 
Figure 4.5: Concrete’s traction model definition 

- Compression, in which is required the definition of the compression 

deformation value at the compressive strength  (uniaxal test), the 

coefficient of reduction of the compressive strength due to cracking, 

the type of softening law, and the softening parameter  cd. 

 
Figure 4.6: Concrete's compression law definition 

- Shear, where you have to choose a reduction model of the fixed or 

variable shear modulus, and the type of compression-tension 

interaction, which can be linear or described by two different 

hyperbolic laws. 
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Figure 4.7:Concrete's shear behaviour definition 

- Miscellaneous, in which you have to introduce the specific material gravity 
ρ and the thermal expansion coefficient α. 

There are two different ways to describe the type of reinforcement material: 

discretely or diffusely. Discrete armour is made of reinforcing bars that are shaped 

by placing the start and end points. Diffuse reinforcement is thought of as a part 

of the composite material it is made of. 

In both situations, the software takes into account the "constitutive law" of 

the monoaxial test, which is used for all types of steel and can be modelled as 

linear, bilinear, multilinear, or bilinear with hardening. In the Basic section, four 

parameters—the elastic modulus E, the yield stress σy, the breaking voltage t, and 

Figure 4.8: Concrete’s specific gravity and thermal expansion coefficient definition 
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the limit deformation εlim —are needed to define the latter  

 

In the Miscellaneous section, the specific gravity of the material ρ and the 

coefficient of thermal expansion α must be defined. 

4.2.3 CCT material description 

In addition to the methods previously described, it is also possible to 

specify the properties and behaviour of the materials by writing a CCT file, which 

can be read by any text reader. The CCTs for the seven new materials in the model 

are listed below. 

Figure 4.9: Steel's foundamental parameters definition 

Figure 4.10: Steel’s specific gravity and thermal coefficient definition 
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Figure 4.11: Material’s CCT command description 

 

Figure 4.12: Material’s CCT command description 

4.2.4 Geometrical definition 

In ATENA 2D, the geometry of reinforced concrete parts is described in 

the Topology section by joints, lines connecting the different joints, and macro-

elements between many lines.  

4.2.4.1 Joints  

The points are specified in the Joints portion, where the X and Y coordinate 

values are requested, as shown in Figure 4.13; there is also the option to insert 



 

87  

springs at each designated point. 

Working on the CCT file, as seen in Figure 4.14, is a much simpler method 

for inserting all the joints than repeatedly clicking on the joints tab. 

 

Figure 4.14: CCT command for joint definition 

4.2.4.2 Lines 

Even for the lines, it is possible to make springs that function on the full 

length of the lines themselves. The lines are established in the Line subsection, 

which is where the markers of the start and finish points are inserted (Figure 4.15). 

Figure 4.13: Joints definition 
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Acting on the CCT file: 

 

 

Figure 4.16: CCT command for line definition 

4.2.4.3 Macro-elements 

In the Macro-elements subsection, macro-elements are generated through 

the following steps: the request of a Boundary list, which is the list of markers of 

the lines that enclose the element; the selection of the type of mesh, which can be 

triangular, quadrilateral, or mixed; the selection of the size of the mesh; the 

selection of the material; and the selection of the thickness. Figure 4.17 illustrates 

these steps. 

Figure 4.15: Lines' definition 



 

89  

 
Figure 4.17: Definition of macro-elements 

A further illustration of a CCT format is provided here (Figure 4.18). On 

the left and side, the definition of the macro-element is presented as follows: the 

first number is the marker of the macro-element, the second number is the marker 

of the material, the third number is the thickness, the remaining four numbers are 

the Boundary List lines, and the final NON LINEAR stands for the geometrically 

non-linearity. The properties of the mesh are specified on the right-hand side of 

the image; the first number indicates the mark of the macro-element, and the 

numbers 0–100 denote the mesh size 

  

Figure 4.18: CCT command for Macro-elements definition and mesh characteristics  

4.2.4.4 Bar Reinforcements 

At this point, diffuse reinforcements may be defined by using the Layers 

of smeared reinforcement sub-window. 

In contrast to this, discrete reinforcing bars are described in the 

Reinforcement part by the material, the coordinates of the start and end points 

(Figure 4.20), the area of the bar section, and the interaction between steel and 

concrete, which may be regarded to be of complete adherence, or you can model 
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are via a specific bond (Figure 4.19). 

 

4.2.5 Loads and supports 

Within this chapter, it is possible to design a new load case and apply it to 

all of the components, including Joints, Line, Macro-element, Bar reinforcement, 

and Contact ambiguity. 

It is possible to add seven distinct kinds of load cases when using Atena 

2D. These load cases include body force, forces, supports, prescribed deformation, 

Figure 4.19: Definition of the reinforcement area and the interaction with concrete  

Figure 4.20 Defining the position of the reinforcing bars 
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temperature, shrinkage, and pre-stressing. 

The overall process of defining the load cases will be discussed in the 

following paragraphs. 

4.2.5.1 Supports 

It is important to establish a new load case called Supports to fix the 

columns' bases (Figure 4.21). 

The lines that work as the foundation of the columns must then be assigned 

to them, which requires that you first click on the load case's set active button and 

then choose the Line tab located in the Loads and supports area of the software's 

main interface. 

 

 

 

 

Figure 4.21: Fixed support load case definition 

Defining the fixed directions in this window is required (both X and Y for 

the specific case of a fixed support). 

 

 

 

 

 

Figure 4.22: Supports load case application  

Writing on the CCT file works almost in the same way. The line mark 

(1736 in this example) and fixed direction must be defined (both X and Y). 
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Figure 4.23: CCT command for Supports load case definition 

 

Figure 4.24: 2D frame illustration 

 

4.2.5.2 Body force 

This load case is absolutely necessary in order to determine the structure's 

self-weight. The information that need to be provided are the load case name, the 

load case code and the direction in which the dead load should be applied. In 

contrast to the earlier scenario, it is not necessary to apply this load case to 

elements of the structure such as joints, lines, or macro-elements because the 

software already identifies its application to the entire structure. 
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Figure 4.25: Body force load case introduction 

 

Figure 4.26: CCT commands for Body force load case introduction  

 

4.2.5.3 Forces 

This load case includes distributed loads such permanent structural and 

non-structural loads, live loads, and column response before removal.  

To assign the load case to lines, press the set active button again, pick the 

lines, and fill out the Edit line loading window. Choose from Continuous whole 

length, Point load, Partial, and Quadrilateral line forces. Choose the load direction 

(global Y along line) and value with the proper sign. 

 

Figure 4.27: Forces load case introduction 
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Figure 4.28: Forces load case allocation 

Another option is to write the load to the CCT file: 

 

Figure 4.29: CCT commands Forces load case allocation 

Finally, it is possible to display the chosen load condition: 

 

Figure 4.30:  distributed line loads applied to 2D frame  
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4.2.5.4 Prescribed deformation 

For the objectives of this thesis study, the specified deformation load 

scenario has been employed to conduct the pushover analysis. In the 

Edit prescribed displacements window, you can specify the entity of the 

prescribed deformation. 

 

Figure 4.31: Prescribed deformation load case allocation to the junction above the main column 

Lastly, Figure 4.32 shows the command to be used in the CCT file: 

 

 

Figure 4.32: CCT command for allocation of Prescribed deformation load case 

 

4.2.6 Analysis settings 

The analysis settings are defined in the Run section; in particular, the 

main subsections are represented by the Check data, Analysis steps and 

the Monitoring points. 

The Check data tab is a tool that enables you to conduct a quick check 

of the model to see if there are any problems, as detailed in the other sub-

sections (materials, topology, load and supports and load steps). 
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The individual steps of the analysis are created by clicking on Add in 

the Analysis steps subsection; here the list of Load cases to be considered 

in the analysis and the type of nonlinear calculation, which can be 

Standard Newton-Raphson and Standard arc length, is requested: in 

Figure4.33 a possible sequence of steps of the analysis is illustrated: 

Figure 4.39 shows how a CCT can be built to describe the load steps. 

In that example, LC 1 and LC2 are applied in 5 load steps with a multiplier 

of 0.2, so that the complete entity of both load cases is applied at the fifth 

load step. The first number represents the load step marker, the second 

the multiplier, the third the kind of solution parameter, and the final two 

the load case markers. 

 

Figure 4.34: CCT commands for Analysis steps implementation 

The monitoring points are specific points of the model, where you want 

to know for example the displacement or the nodal reaction  

 

With the setting of the monitoring points, any curves to be checked in 

the post-processing phase are automatically chosen: each component will 

have a value for each step in the analysis, which can be related to all the other 

components in the form of graphs, which can be for example force-

displacement curves or curves displacement-displacement. 

Figure 4.33: Examples of analysis steps 
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4.2.7 Parameters 

This last significant option essentially indicates the procedures and 

settings for the iterative nonlinear solution of the equilibrium equations at 

each load step. 

Two essential solution approaches are available: Newton-Raphson and 

Arc Length. The latter should be used for force loading up to near peak load 

or in post peak, meanwhile the former should be utilized in all other 

instances. The error tolerances, or limitations for different criteria, are shown 

in the final four rows of the General tab. If these restrictions are respected, 

the iteration ends and the computation proceeds to the next phase. 

 

Figure 4.35: Solution parameters (General solution) 

Both methods may have conditional break conditions specified to 

terminate the calculation if an error exceeds the given tolerance multiplied 

by the prescribed factor shown in Figure 4.36. 

 

Figure 4.36: Solution parameters (Conditional Break-Criteria section) 

4.3 Post-processing  

After providing the software all of the inputs required to do the fem 

analysis, the next stages are mesh generation and finite element analysis. 
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They must be completed, necessarily in that sequence, by clicking on the 

corresponding Menu Calculations icons. As the analysis begins, post-

processing is enabled, and only tools for graphical post-processing are 

available. Futhermore, ATENA 2D enables the graphically solution 

visualisation not only at the analysis conclusion but also in real time at the 

end of each load step. 

Figure 4.37 shows all of the available tools in the post-processing phase. 

It is possible to pick a particular load step and visually observe all the 

potential outcomes in terms of Springs, Forces MNQ, Cracks, Bar reinf., 

Interfaces, Scalars, Vectors, and Tensors. 

 

Figure 4.37: Post processing visualization 

4.3.1 Outputs 

When you click on the Text printout button, a data tree structure appears, 

allowing you to generate a significant quantity of output data. Another option 

is to export a CCO file containing the results of all the step of monitoring 

points specified in the pre-processing phase. 
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Figure 4.38: Text printout button 
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5 Fundamental variables sampling 

The JCSS – Probabilistic Model Code [3] and the fib Model Code 2010 [2] 

are the reference code guidelines that must be followed in order to successfully 

complete the sampling of the fundamental variables. In addition, a method known 

as the Probabilistic Method, which was described in fib MC 2010 [8], was used. 

This method involves conducting a number of non-linear finite element analyses 

(NLFEAs) while using a sampling strategy, such as the Latin Hypercube 

Sampling used here. In summary, this method involves selecting a random data 

point from each of the N divisions that result from splitting the cumulative density 

function associated with a standard distribution into an equal number of parts. 

The resistance basic variables that has been sampled are:  

- Concrete compressive strength 𝑓 

- Reinforcement yield strength 𝑓௬ 

- Reinforcement ultimate strength 𝑓௨ 

- Reinforcement ultimate strain 𝜀௦௨ 

- Reinforcement elastic modulus 𝐸௦ 

The action basic variables that has been sampled are: 

- Reinforced concrete specific-weight 𝜌  

- Permanent structural load 𝐺ଵ 

- Permanent non-structural load 𝐺ଶ 

- Floor variable loads 𝑄 

- Roofing variable loads 𝑄 

Using the MATLAB command "X_LHS=lhsnorm(MU,C,N)," the LHS was 

calculated for each of the n=10 variables in the dataset. This function requires the 

following data inputs in order to operate properly: 

- MU is a vector (1 x 𝑛) which contains the mean values (or the logarithmic 

mean or 0) for each variable. More details will be followingly explained. 

- [𝐶]௫ = [𝐷 ∗ 𝑅𝑜 ∗ 𝐷]௫ is a matrix (𝑛 x 𝑛), where [𝐷]௫ is a diagonal 

matrix (𝑛 x 𝑛) which contains on the diagonal the variances (or the 
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logarithm of the variances or 1) for each basic variable and [𝑅𝑜]௫ is the 

covariance matrix. More details are followingly explained. 

- 𝑁 is the number of samples for each basic variable, chosen equal to 100. 

- [𝑋ுௌ]ே௫ is a (𝑁x𝑛) matrix which contains in each column the 

ൣ𝑋ுௌ,൧ே௫ଵ
vector coming as an output from the sampling and i =

1,2,3, … ,10, since ten are the basic variables.  

Based on the analysed fundamental variable, three kinds of distributions have 

been utilised: 

 Normal distribution: as the LHS approach works on a 

Normal CDF, the mean and variance values to enter in the MU 

vector and D matrix are the same as the distribution. Hence, 

the output of the generic basic variable ൣ𝑋ுௌ,൧
ே௫ଵ

 

corresponds to the sample vector ൣ𝑋௦,൧ே௫
 of the generic 

basic variable 𝑋 

 Lognormal distribution: the logarithm of the mean and 

variance of the generic basic variable 𝑋 must be computed in 

accordance with the following formula, where 𝑋,  is the 

mean of the generic basic variable and 𝑉 is its coefficient of 

variation: 

𝑀𝑈୧ = ln (𝑋,) − log (𝑉
ଶ

 
(5.1) 
 

𝐷୧୧ = ටlog (𝑉
ଶ + 1)  (5.2) 

 

When the LHS sampling generates the ൣ𝑋ுௌ,൧ே௫ଵ
 vector, the 

exponential function must be applied to the generic basic 

variable X i to connect the LHS output, which is normally 

distributed, to the lognormally distributed basic variable. 

 Gumbel distribution: the values for the mean and variance 

that are supposed to be entered into the MU vector and the D 

matrix are assumed to be equal to 0 and 1 respectively, 

considering the distribution as a standardised normal 
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distribution. Following that, in order to return to a Gumbel 

distribution, the vector that includes the samplings of the 

generic basic variable X i is generated from the output of the 

LHS sampling in the following manner: 

𝑋௦, = − ln൫− 𝑙𝑛൫𝛷ିଵ൫𝑋ுௌ,൯ ∗ 𝜗ଶ (5.3) 
 

where 𝛷ିଵ is the cumulative density function of the standard 

normal distribution and 𝜗ଵ, and 𝜗ଶ, are the two parameters of 

the Gumbel distribution that may be obtained as follows: 

𝜗ଶ, = 𝜎 ∗ √6/𝜋 (5.4) 
 

𝜗ଵ, = 𝑋, − 0.5772 ∗ 𝜎 ∗ √6/𝜋 (5.5) 
 

with  𝑋, being the mean value of the generic basic variable 

and 𝜎 being its variance. 

Last but not least, the covariance matrix C includes every correlation 

coefficient that exists between the variables that were sampled. If the coefficient 

is 0, there is no correlation between the two variables; if it is 1, the correlation is 

as high as it can be (i.e. between the same variable). The table that follows presents 

the results of a correlation analysis between the following variables: 

Table 5.1: Correlation coefficients [-] 

 

 

 

 𝑓 𝑓௬ 𝑓௨ 𝜀௦௨ 𝐸௦ 𝜌 𝐺ଵ 𝐺ଶ 𝑄 𝑄 
𝑓 1 0 0 0 0 0 0 0 0 0 
𝑓௬ 0 1 0.75 -0.45 0 0 0 0 0 0 
𝑓௨ 0 0.75 1 -0.6 0 0 0 0 0 0 

𝜀௦௨ 0 -0.45 -0.6 1 0 0 0 0 0 0 
𝐸௦ 0 0 0 0 1 0 0 0 0 0 
𝜌 0 0 0 0 0 1 0 0 0 0 

𝐺ଵ 0 0 0 0 0 0 1 0 0 0 
𝐺ଶ 0 0 0 0 0 0 0 1 0 0 
𝑄 0 0 0 0 0 0 0 0 1 0 
𝑄  0 0 0 0 0 0 0 0 0 1 
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It is worthwhile to note that, in accordance with the Fb Model Code 2010 [8], 

there is a positive correlation between the yielding of steel and its ultimate 

strength, whilst there is a negative association between the ultimate strain and the 

ultimate strength. It can be also noticed that when there is no correlation—that is, 

when one is working with variables that are not related to one another—the 

coefficient is equal to zero. 

In the following, particulars relating to the distribution, mean value, and 

variance of each fundamental variable will be discussed. 

 

5.1 Action fundamental variables 

5.1.1 Reinforced-concrete specific-weight 𝛒  

The specific weight of reinforced concrete is a normal distribution, as stated 

by the JCSS – Probabilistic Model Code [3], and it has the following 

characteristics: 

ρ ∼ N൫ρ୫ , V൯  (5.66) 
 

where 𝜌  = 25 𝑘𝑁/𝑚ଷ is the mean value of the normal distribution for 

reinforced-concrete specific-weight, according to EC2, while 𝑉ఘ = 𝜎ఘ 𝜌⁄ = 0.05 

is the coefficient of variation. 

The concrete specific-weight, that is the part occupying the concrete cover, is 

taken as the value assumed by the sampled reinforced concrete specific-weight 

minus one, since it is a dependent variable.  
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Figure 5.1: Reinforced concrete specific-weight - Normal distribution: a) Probability density 
function; b) Histogram and Distribution fit; c) Scatter plot  

The dependence relationship between the reinforced concrete self-weight 

(independent variable) and the concrete self-weight (dependent variable) is shown 

in the following image.  

    

ρ
 [

kN
/m

3 ]
 

n simulation [-] 

a) 

max 

min 

    

ρ c
c 
[k

N
/m

3 ] 

n simulation [-] 

b) 

max 

min 

Figure 5.2: Scatterplots for specific weight: a) reinforced concrete (independent sampled 
variable); b) concrete cover (dependent variable)  

  

5.1.2 Permanent structural load of the slab 𝐆𝟏 

The permanent structural load is described as a normal distribution with the 

following parameters by the JCSS – Probabilistic Model Code [3], which may be 

considered here: 

 Gଵ ∼ N൫Gଵ୫ , Vୋభ
൯ (5.7) 

 

The normal distribution for the permanent structural load of the slab is 
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assumed to have a mean value of 𝐺ଵ
 = 16 𝑘𝑁/𝑚, with a coefficient of variation 

of 𝑉
భ

= 𝜎ீభ
𝐺ଵ

⁄ = 0.05. 

 

    

P
D

F
 [

-]
 

G1  [kN/m] 

a) 

    

b) 

P
D

F
 –

 F
re

qu
en

cy
 [

-]
 

G1  [kN/m]  

     
n simulation [-] 

c) 
max 

min 

G
1
[k

N
/m

] 

 

Figure 5.3: Permanent structural load - Normal distribution: a) Probability density function; b) 
Histogram and Distribution fit; c) Scatter plot  

 

5.1.2.1 Permanent non-structural load 𝐆𝟐 

The permanent non-structural load is a normal distribution with the following 

parameters, as described by JCSS - Probabilistic Model Code [3]: 

 Gଶ ∼ N൫Gଶ୫
 , Vୋమ

൯ (5.8) 

 

The normal distribution for the permanent structural load of the slab is 

assumed to have a mean value of 𝐺ଶ
 = 13 𝑘𝑁/𝑚 , with a coefficient of 

variation of 𝑉
మ

= 𝜎ீమ
𝐺ଶ

⁄ = 0.05  

 



 

106  

    

P
D

F
 [

-]
 

G2  [kN/m] 

a) 

    

b) 

P
D

F
 –

 F
re

qu
en

cy
 [

-]
 

G2  [kN/m] 

     

G
2

 [k
N

/m
] 

n simulation [-] 

c) 
max 

min 

 

Figure 5.4: Permanent non-structural load - Normal distribution: a) Probability density function; 
b) Histogram and Distribution fit; c) Scatter plot  

 

5.1.3 Floor variable loads 𝐐𝐩 

The floor's fluctuating loads follow the next Gumbel distribution, as described 

by the JCSS - Probabilistic Model Code [3]: 

 Q୮ ∼ Gumbel ቀQ୮୫
 , V୕

౦
, ϑଵ୕౦

, ϑଶ୕౦
ቁ (5.9) 

 

In this case, the mean value of the Gumbel distribution for the variable floor 

loads is 𝑄
 = 7.28 𝑘𝑁/𝑚. 

In addition, 𝑄
 represents also the characteristic value (i.e. fractile 98 

percent) of the design value equal to 10 kN/m. The coefficient of variation 𝑉ொ
=

𝜎ொ
𝑄

⁄ = 0.20, and the parameters of the Gumbel distribution 𝜗ଶொ
= 1.0136 

and  𝜗ଵொ
= 5.91, are calculated using Equations (5.4) and (5.5), respectively. 
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Figure 5.5: Floor variable load - Gumbel distribution: a) Probability density function; b) 
Histogram and Distribution fit; c) Scatter plot 

5.1.4 Roofing variable loads 𝐐𝐜 

The roofing variable loads follow the next Gumbel distribution, as described 

by the JCSS - Probabilistic Model Code [3]: 

 Qୡ ∼ Gumbel ቀQୡ୫
 , V୕ౙ

 , ϑଵ୕ౙ
, ϑଶ୕ౙ

ቁ (5.10) 

 

In this case, the mean value of the Gumbel distribution for the variable floor 

loads is 𝑄
 = 1.82 𝑘𝑁/𝑚 . In addition, 𝑄

  represents also the characteristic 

value (i.e. fractile 98 percent) of the design value equal to 2.5 𝑘𝑁/𝑚. The 

coefficient of variation 𝑉ொ
= 𝜎ொ

𝑄
⁄ = 0.20, and the parameters of the 

Gumbel distribution 𝜗ଶொ
= 0.249 and 𝜗ଵொ

= 1.46, are calculated using 

Equations (5.4) and (5.5), respectively. 
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Figure 5.6: Roofing variable load - Gumbel distribution: a) Probability density function; b) 
Histogram and Distribution fit; c) Scatter plot 

 

5.2 Resistance basic variables 

5.2.1 Concrete compressive strength 𝒇𝒄 

The concrete compressive strength is a lognormal distribution with the 

following properties, as described by JCSS - Probabilistic Model Code [3]: 

 fୡ ∼ LN(fୡ୫ , Vୡ) (5.11) 

 

where𝑓 is the mean value for the lognormal distribution of concrete 

cylinder compressive strength determined in accordance with EC2 [28] and, 𝑉 =

𝜎 𝑓⁄ = 0.15  is the coefficient of variation: 

 𝑓 = 𝑓 exp(1.645 𝑉) (5.12) 
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𝑓 = 0.83 ∗ 𝑅 is the characteristic compressive cylinder strength of 

concrete after 28 days, where 𝑅 is the characteristic compressive cube strength, 

which is equivalent to 30 𝑀𝑃𝑎 for C25/30. As a consequence of this, we may 

deduce that 𝑓 = 24.9 𝑀𝑃𝑎 and 𝑓 = 31.87 𝑀𝑃𝑎 respectively. 

In terms of everything else that has to do with concrete, such as its elastic 

modulus, 𝐸,, its tensile concrete strength, 𝑓௧,, its compressive strain at the peak 

stress, 𝜀, and its ultimate compressive strain, 𝜀௨, etc., these are all examples of 

aleatory dependent variables. Since the values of these variables are related to the 

independent fundamental variable, 𝑓, there is no need to take samples of them at 

this point of the process. 
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Figure 5.7: Concrete compressive strength - Lognormal distribution: a) Probability density 
function; b) Histogram and Distribution fit; c) Scatter plot 

5.2.2 Reinforcement yield strength 𝐟𝐲 

The reinforcement yielding strength is a lognormal distribution with the 
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following properties, as described by JCSS - Probabilistic Model Code [3]: 

 f୷ ∼ LN൫f୷୫ , Vୱ୷൯ (5.13) 

 

where𝑓௬  is the mean value determined in accordance with EC2 [28] and, 

𝑉௦௬ = 𝜎௦௬ 𝑓௬⁄ = 0.05 is the coefficient of variation: 

 𝑓௬ = 𝑓௬ 𝑒𝑥𝑝൫1.645 𝑉௦௬൯ (5.14) 

 

with 𝑓௬ the characteristic yield strength of reinforcement, equal to 450 𝑀𝑃𝑎 

for steel B450C. Thus, it results that 𝑓௬ = 488.58 𝑀𝑃𝑎. 

𝑓௬. Is the reinforcement's typical yield strength, equivalent to 450 MPa for 

steel B450C. So we can obtain 𝑓௬ = 488.58 𝑀𝑃𝑎. 
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Figure 5.8: Steel yield strength - Lognormal distribution: a) Probability density function; b) 
Histogram and Distribution fit; c) Scatter plot 
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5.2.3 Reinforcement ultimate strength 𝐟𝐮 

The reinforcement ultimate strength is a lognormal distribution with the 

following properties, as described by JCSS - Probabilistic Model Code [3]: 

 f୳ ∼ LN(f୳୫ , Vୱ୳) (5.15) 

where𝑓௨  is the mean value determined with the following expression and 

𝑉௦௨ = 𝜎௦௨ 𝑓௨⁄ = 0.05  is the coefficient of variation: 

 𝑓௨ = 𝑓௬(1 + 𝑘) (5.76) 

 

with 𝑓௬ the mean value for the yield strength of reinforcement and 𝑘 = 0.15 

is a coefficient that determines the relation between the yield and the ultimate 

strength of concrete. Thus, it results that 𝑓௨ = 561.86 𝑀𝑃𝑎. 

with 𝑘 = 0.15 being a coefficient that defines the link between the yield and 

the ultimate strength of concrete, and 𝑓௬ being the mean value for the yield 

strength of reinforcement. As a consequence of this, we may deduce that 𝑓௨ 

equals 561.86 MPa. 
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Figure 5.9: Steel ultimate strength - Lognormal distribution: a) Probability density function; b) 
Histogram and Distribution fit c) Scatter plot 

5.2.4 Reinforcement ultimate strain 𝛆𝐬𝐮 

The ultimate strain for reinforcement is a lognormal distribution with the 

following properties, as described by JCSS - Probabilistic Model Code [3]: 

 εୱ୳ ∼ LN(εୱ୳୫ , Vୱ୳) (5.16) 

 

The coefficient of variation, 𝑉௦௨ = 𝜎௦௨ 𝜀௦௨⁄ = 0.09 , is obtained from many 

papers in the literature ([35], [36], [37], [38], and [39]), where studies on steel 

samples were performed. Furthermore, the ultimate strain is assumed to 𝜀௦௨ =

0.14, contradicting the specified value in Eurocodes (i.e. 7.5 percent). This is 

because the structure was created using robustness criteria, hence a greater, more 

realistic number should be used. 

Caprili and Salvatore [40] give results from a large experimental test 

campaign conducted on several types of steel reinforcing bars, providing support 

for the 14% result. We give table 4 from the aforementioned study, which contains 

the ultimate strain experimental results for B450C ϕ16 (represented by the 

symbol 𝐴௧  [%]): 

Table 5.2: Mechanical properties of tested rebars (monotonic tensile tests).  
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The average may be calculated using data from Table 5.2: 

 𝜀௦௨ =
∑ 

ସ
=

଼.ଽାଵହ.ସାଵଷ.଼ାଵ.ହ

ସ
= 13.9% ≅ 14%  (5.17) 
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Figure 5.10: Steel ultimate strain - Lognormal distribution: a) Probability density function; b) 
Histogram and Distribution fit; c) Scatter plot 

 

5.2.5 Reinforcement Elastic Modulus 𝐄𝐬 

The Elastic Modulus for reinforcement is a lognormal distribution with the 

following properties, as described by JCSS - Probabilistic Model Code [3]: 

 Eୱ ∼ LN൫Eୱ୫ , V౩
൯ (5.18) 

 

where 𝐸௦ = 210000 𝑀𝑃𝑎 is the mean value of the lognormal distribution 

for the Elastic Modulus, according to EC2, while 𝑉ாೞ
= 𝜎ாೞ

𝐸௦⁄ = 0.03 is the 
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coefficient of variation. 

Where 𝑉ாೞ
= 𝜎ாೞ

𝐸௦⁄ = 0.03 is the coefficient of variation and 𝐸௦ =

210000 𝑀𝑃𝑎   is the mean value determined in accordance with EC2 [28]. 
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Figure 5.11: Steel Elastic Modulus - Lognormal distribution: a) Probability density function; b) 
Histogram and Distribution fit; c) Scatter plot 

 

5.3 Correlation coefficients 

The correlation coefficients between the four fundamental of reinforcement 

characteristics are examined more below. Following the Fib Model Code 2010, 

here there are the parameters that, for the particular scenario, demonstrate a 

correlation that is not equal to zero. The correlation coefficients are shown in the 

table below: 
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Table 5.3: Correlation coefficients [-] 

 f୷ f୳ εୱ୳ Eୱ 

f୷ 1 0.75 -0.45 0 

f୳ 0.75 1 -0.6 0 

εୱ୳ -0.45 -0.6 1 0 

Eୱ 0 0 0 1 
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Figure 5.12: Reinforcement basic variables correlation: a) correlation between f୷ and f୳; b) 
correlation between f୷ and ε୳; c) correlation between f୳ and ε୳; d) correlation between f୷ and Eୱ  
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The following provides a concise summary of all the assumptions that have 

been made about distribution type, mean value, and coefficient of variation: 

Table 5.4: Sampled basic variables summary 

 Distribution 
type 

Mean                  
value 

Coefficient of 
Variation 

Concrete compressive strength 𝑓 LN 31.87 MPa 0.15 [-] 

Reinforcement ultimate strength 𝑓௨ LN 589.77 MPa 0.05 [-] 

Reinforcement yield strength 𝑓௬ LN 488.57 MPa 0.05 [-] 

Reinforcement ultimate strain 𝜀௦௨ LN 0.14 [-] 0.09 [-] 

Reinforcement elastic modulus 𝐸௦ LN 210000 MPa 0.03 [-] 

Reinforced concrete specific-weight 𝜌  N 25 kN/m3 0.05 [-] 

Permanent structural load 𝐺ଵ N 16 kN/m 0.05 [-] 

Permanent non-structural load 𝐺ଶ N 13 kN/m 0.05 [-] 

Floor variable loads 𝑄 GUMBEL 7.28 kN/m  0.20 [-] 

Roofing variable loads 𝑄 GUMBEL 1.82 kN/m 0.20 [-] 
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6 Reliability analysis by using 
FEM models 

The FEM properties of the static non-linear finite element model used to 

conduct the reliability analysis are examined in this chapter. The two procedures 

required to do the reliability analysis are described here. The choosing of 

fundamental variables, i.e. material and geometrical features, is next explained 

using the Latin Hypercube Sampling technique. The assumptions, geometry, and 

mesh features of the FEM material constitutive law are then analysed. Finally, the 

chapter reviews the two aforementioned studies in terms of conclusions and the 

objective of this thesis, i.e. local and global reliability factor. 

6.1 Introduction  

In order to carry out the analysis, which involves simulating the removal of 

the centre column as a result of an unintentional event, prior non-linear studies are 

required. ATENA 2D does not permit the removal of geometrical components 

from one analysis step to the next. As a result, the simulation of the column 

removal is carried out by constructing a model in which the centre column is 

missing and then, in the course of the preliminary analysis stages, applying a force 

in the nodes of the beam that are adjacent to the column that isn't present. This 

force is proportional to the reaction that occurs at the base of the column, 

without the weight of the column itself; this is done so that the effect may be 

analogous to the real existence of the column. The column is then eliminated in 

the followings analysis phases (that is, the reaction in the previously stated nodes 

is set equal to zero), and the loads of the central spans are increased to replicate 

the dynamic behaviour of the incident. In order to achieve this objective, two 

separate analyses need be carried out in sequence: 

Analysis 1 - Pushdown analysis (i.e. performed in a model without 

the central column), needed to calculate the amplification 

coefficients according to Izzuddin et al. [1]. The software used is 

ATENA 2D 
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Analysis 2 -Reliability analysis, simulation of the removal of the 

column and amplification of the loads in the central span. The 

software used is ATENA 2D 

In terms of geometrical parameters, mesh sizes, material and mechanical 

qualities, these studies are equivalent. The only difference is in the analysis 

steps, how the analysis is carried out. 

Moreover, in order to perform a reliability assessment in accordance with 

what was described in Chapter 2 (i.e. Method of Level III for reliability analysis), 

a statistical sample of the fundamental variables must be done. Consequently, the 

aforementioned analyses have been performed N times, where N is the sample 

dimension for all of the fundamental variables, which is fixed to 100. 

 

6.2 Constitutive laws 

The building is made up of two different materials: concrete and steel 

reinforcement. The confinement effect that the reinforcement has on the concrete 

varies according to the location (i.e. beam, column, joint, dissipative, non-

dissipative zone), which is why the stirrups' reinforcement varies inside the 

structure.  

Six distinct materials have been modelled in ATENA 2D, as indicated in the 

preceding chapter: 

- Material 1: Beam D. It is referred to as an SBeta Material, and it describes 

the constrained concrete of the beam that is located in the dissipative zone 

(D stands for dissipative). 

- Material 2: Beam ND. It is a Sbeta Material, it corresponds to the 

constrained concrete of the beam in the non-dissipative zone (ND). 

- Material 3: Column. It is another example of a Sbeta Material and it 

describes the constrained concrete column 

- Material 4: Joints. It is referred to as Sbeta Material and it describes the 

constrained concrete that may be found in the joints between beams and 

columns 

- Material 5: NC Concrete. Again a Sbeta material, is used to define the 

concrete cover, the material used to distinguish the NC, or non-confined, 
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concrete region, which is the portion of the concrete that is not surrounded 

by reinforcing bars.  

- Material 6: Steel B450C: type B450C steel was utilized for both the 

longitudinal and transverse reinforcements. 

 

In what follows, a schematic representation of the bulk of the Materials that 

have been used will be shown. The longitudinal and transversal reinforcements, 

also known as Material 6, are denoted by horizontal and vertical green lines, 

respectively. 

 

 

Figure 6.1: Scheme for Material 1 (Beam D), Material 2 (Beam ND), Material 3 (Column) and 
Material 4 (Joints) and Material 5 (NC Concrete) 

 

6.2.1 Concrete (Model by Saatcioglu and Razvi, 1992) 

Due to the presence of internal microcracks caused by stress concentrations 

at the interface between cement paste and aggregates, concrete, being a composite 

material, often exhibits non-linear behavior. 

Beams and columns of reinforced concrete buildings benefit from lateral 

confinement made possible by transverse stirrups, which significantly influence 

the shape of the concrete's resistance curve σ-ε 

In this research, the model of Saatcioglu and Razvi (1992) (Figure 6.2) was 

used to characterize the nonlinear behaviour of confined and unconfined concrete, 

providing considerations of diverse behaviours with the confinement variations. 
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The model has been implemented in an Excel spreadsheet, which requires the 

average strength of the concrete fcm, the section geometry, the iron cover, the 

average yield strength of the steel used, the diameter of the four side bars enclosed 

by the brackets, the diameter, the number of arms, and the pitch of the stirrups to 

be entered. 

As discussed in the previous section, the material used for the construction 

was C25/30, where the first term represents the characteristic cylindrical 

compressive strength fck and the second term represents the characteristic cubic 

compressive strength Rck. 

Five distinct concrete strength curves (Figure 6.3) were generated by using 

the Saatcioglu and Razvi model, reflecting the differences in geometry and bars 

used. 

 

Figure 6.2: Model of Saatcioglu and Razvi (1992) 
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Figure 6.3: Concrete strength curves according to confinement 

 

Here are illustrated assumptions have been made in ATENA 2D: 

- in Tensile, the traction law of local deformation and the fixed crack model 

were chosen; 

- in Compressive, a law of the Softening Modulus type has been adopted; 

- in Shear, a law of reduction of the variable shear modulus was chosen, and 

in type of linear compression-tension interaction; 

All the input parameters utilized by ATENA 2D for the various concrete 

components are shown in tables below: 

Table 6.1: SBeta Material inputs 

 BASIC 

 

𝑓  
 [𝑀𝑃𝑎] 

𝑓௧   
[𝑀𝑃𝑎] 

𝐸,்ீ  
 [𝑀𝑃𝑎] 

𝜐  
[−] 

1) Beam D 37.45 2.56 34328 0.2 
2) Beam ND 35.01 2.56 33641 0.2 
3) Column 41.00 2.56 35272 0.2 
4) Joint 48.09 2.56 37003 0.2 
5) NC Concr 31.87 2.56 32706 0.2 
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Table 6.2: Tensile, Compressive, Shear and Miscellaneous inputs for SBeta Material 

 TENSILE COMPRESSIVE SHEAR MISCELLANEOUS 

 

𝐶ଷ  
[−] 

𝜀 
[−] 

𝑅. 𝐶. 𝑆. 
[−] 

𝐶. 𝑆. 𝑃. 
[−] 

𝐹. 𝑆. 𝐹. 
[−] 

𝜌 
 [𝑘𝑁
/𝑚ଷ] 

𝛼 
[1/𝐾] 

1) Beam D 0.000745 0.00375 0.8 0.0575 0.2 25 0.000012 
2) Beam ND 0.000760 0.00298 0.8 0.0893 0.2 25 0.000012 
3) Column 0.000725 0.00486 0.8 0.0497 0.2 25 0.000012 
4) Joint 0.000691 0.00709 0.8 0.0184 0.2 25 0.000012 
5) NC Concr 0.000782 0.002 0.8 0.0974 0.2 24 0.000012 

6.2.2 Steel 

The modeling of steel reinforcing bars is an essential part of this research 

because it has a considerable impact on the degree to which the beam is 

predisposed to exhibit membrane behavior and, as a result, the evolution of the 

catenary mechanism. 

The kind of steel that was used was B450C, which had a ductility class of C 

(hot rolled steels) and a typical yield strength of 450 MPa. 

The bilinear law with hardening was utilized for nonlinear analysis; more 

specifically for these studies average stresses were employed, namely yield 

strength and break tension, which were derived using the following formulas: 

𝜎y = fyk * e1.645*0.05 

𝜎𝑡 = 1.15 𝜎𝑦 

(6.1) 

 

The literature's experimental models were used to estimate an ultimate 

deformation of 𝜀= 0.14; lastly, a specific gravity of zero was assumed since the 

mass of the steel was thought to be included in the mass of the concrete. 

The ATENA 2D steel characteristics are listed in Table 6.3. 

 

Table 6.3: Steel characterization 

BASIC MISCELLANEOUS 

σy σt 𝐸 𝜀 𝝆 ALPHA 

[MPa] [MPa] [MPa] [-] [kN/m3] [1/K] 

489 562 200000 0.14 0 1.20E-05 
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6.2.3 Geometry 

The geometry was defined in the ATENA 2D by first creating the points, then 

the lines, then the macro-elements, and lastly the reinforcing bars, as shown in 

previously design drawings; 

The chosen model allowed for the subdivision of beams, columns, and nodes 

in a way that is in accord with the several confinement-related requirements 

composing concrete: 

- the pillars have been divided into four vertical bands, two external ones 

represented by the iron cover and two internal ones dividing the 

barycentric axis, for horizontal rows of five points have been inserted, and 

three regions in height representing the two dissipative zones and the non-

dissipative zone. 

- the beams have been divided into three vertical bands, two external 

represented by the iron cover and one internal, for which vertical rows of 

four points have been inserted for each beam, and three regions in the 

longitudinal direction representing the two dissipative zones and the non-

dissipative zone. 

The geometry remains constant in all the analyses in the two cases under 

study, the standard design frame and the improved one, called for simplicity 

respectively frame 1 and frame 2. 

The joints are the basic elements of the model, to which the lines and macro-

elements are then linked, their total number was 1025 and 1005 regarding 

respectively the model with and without the central column: 

 

 

Figure 6.4: Joints representation: left model with column, right model without column 
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Figure 5.17 shows final model lines. The model with and without the middle 

column utilizes 1890 and 1854 lines, respectively. 

Figure 6.5: Lines representation: left model with column, right model without column 

The overall number of macro-elements in the model with the center column 

is 850, whereas the number of macro-elements in the model without the central 

column is 834. At the conclusion of this procedure, the model will look exactly 

like what is shown in Figure 6.6: 

 

Figure 6.6: Representation with joints, lines and macro-elements: left model with column, right 
model without the column 

Including all, the Reinforcements type lines used in the model with and 

without the centre column are 1825 and 1796, respectively. 

Figure 6.7 shows the arrangement of the bars in the models: 
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Figure 6.7: Representation of longitudinal and transversal reinforcement: left model with 
column, right model without the column 

 

6.3 Analysis 1 - Pushdown analysis  

6.3.1 Introduction 

As a result of the coupling between concrete and steel, reinforced concrete 

exhibits a non-linear constitutive bond, which is particularly apparent after the 

cracking of the concrete and the yield strength of the reinforcing bars. 

Additionally, when there are significant displacements, as when a column is 

removed, a phenomenon known as geometric non-linearity emerges, which must 

be considered when assessing the balance of the structure in its deformed shape. 

Therefore, the composition of a reinforced concrete frame seems to have 

highly non-linear properties, particularly when a structural element is lost, 

implying that linear theory is unable to provide adequately accurate outcomes. 

After the central column is removed, non-linear static analyses of the flat 

frame are conducted. This analysis involves the static imposition of an increasing 

vertical displacement of the point at the top of the central column (Figure 61), as 

a result the force that the rest of the structure is able to provide itself can be 

obtained at each step. 

Pushdown curves, also known as force-displacement capacity curves, are the 

resultant curves. 
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Figure 6.8: Pushdown analysis’s scheme 

The following are some of the characteristics that may be found in the 

approach selected to carry out the research on the flat frame's robustness: 

- it is a direct design method, In fact, the structure's capacity is 

explicitly assessed in terms of the progression of disproportionate 

collapse, with the goal of identifying a structural solution capable 

of not collapsing even if the fundamental center column is lost. 

- it is an alternative load paths method, because it aims to avoid 

excessive collapse by redistributing the loads carried by the 

collapsing element to the remaining components; 

- uses non-linear constituent models of materials, both for steel and 

concrete, taking into consideration the production of inelastic 

deformations and plasticization, which are essential in energy 

dissipation and action redistribution; 

- performs nonlinear static analysis, since they allow for the real 

understanding of essential effects such as geometric and 

mechanical nonlinearities and hence the catenary effect, but 

dynamic effects are not addressed, thus an adequate dynamic 

amplification coefficient is required. 

The behaviour of the frame constructed according to the requirements of the 

Italian and European standards is presented first in this chapter, then the impact 

of the continuity and symmetry of the longitudinal reinforcing bars of the beams 

is studied. 
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6.3.2 Load cases in Atena 

The load cases examined for this study are shown in the table below: 

Table 6.4: Pushdown analysis’s load cases 

Load case number Description 
1 Base support 
2 Imposed displacement of 1 cm 

 

The base support is a fixity that was produced in accordance with sub-section 

4.2.4.1 of the previous chapter and is applied to the lines that form the foundation 

of the four columns. The forced displacements are generated using ATENA 2D, 

according to chapter 4.2.4.4 they are called "Prescribed Deformation". They have 

been assigned to the node of the central column's centerline, in particular to the 

top of the frame as shown in figure 6.9 

 

Figure 6.9: Pushdown analysis’ scheme 

6.3.3 Steps of the analysis and results 

In these analyses imposed displacements have been applied by steps of 1.00 

centimetre with a maximum of 60 iterations. 

The capacity curve, which is a displacement-reaction curve, is the analysis's 

result that has been analysed. Specifically, the monitoring point above the center 

column, which record displacements and responses at each step, may be exported 

as a CCO file from ATENA 2D. 

In this study, N pushdown studies have been carried out, leading to the 

development of N capacity curves, which account for the fact that the properties 

of the materials under study are subject to change at any different analysis. Figures 

below show the results of these elaborations respectively for the standard (on the 
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left) and the improved frames (on the right). 

  

Figure 6.10: Results of pushdown analysis on the 𝑁 simulations: a) curve displacement-load – 
Standard frame; b) curve displacement-load – Improved frame;  

 

A peak in resistance, representing the flexural response, is seen in all the 

curves; this is followed by a softening interval and a region of constant resistance. 

When a system reaches its limit, failure occurs and the curves fall off quickly. 

Since what occurs after the ultimate value has no importance, from a physical 

point of view, failure is reached, and ultimate capacity drops instantaneously. 

It is easy to see the capacity recovery, in the catenary response, if it is there, 

as shown in Figure 5.22b. This occurs when the 𝑃௨௧ value is greater than the 𝑃௫   

value. It is important to note that in the majority of situations, the final resistance 

is lower than the peak one. This indicates that the catenary branch is regulated not 

by a catenary effect but rather by the ductility capacity of the reinforcing bars. 

6.3.4 Dynamic amplification coefficient - DAF 

The unintentional occurrence of a quick column loss in terms of structural 

reaction is a dynamic event caused by severe nonlinearities in geometry and 

material behaviour. Although DoD provisions [16] recommend having a dynamic 

non-linear analysis on the damaged structure, this is not necessarily the optimum 

approach due to the computational complexities in practical implementation. As 

a result, a static non-linear analysis with an associated dynamic technique may be 

a valid alternative. The DoD and GSA guidelines [16][42] permit this, when a 

static evaluation is employed, based on a constant dynamic amplification factor 

(DAF) 𝜆ௗ = 2, for gravity loads above the lost column. However, since the 
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aforementioned figure was considered too conservative, an alternative technique 

may be employed to calculate the DAF numerically. Precisely, Izzuddin [1] 

provided a technique for computing a new range of 𝜆ௗ on a steel multi-story 

structure. 

The theory that supports this method is that the phenomenon of sudden 

column loss is analogous to the rapid application of gravity load on the involved 

sub-structure; at the beginning, at the moment of column failure, the gravity load 

is larger than the static structural resistance, due to the dynamic nature of the 

phenomenon, and as a result, the incremental of deformations is transformed into 

additional kinetic energy, which results in greater velocities. Increases in 

deformation lead to greater static structural resistance, which has the effect to 

reduce kinetic energy and so speeds. When the derivative of the dynamic 

displacement is zero—that is, when the kinetic energy has been brought back 

down to zero—the maximum dynamic displacement has been met. This 

corresponds to the point at which the energy absorbed by the structure is equal to 

the amount of work done by the gravitational loads. 

The expressions of the internal energy 𝑈 and external work 𝑊 are 

followingly reported 

The following are the formulations for internal energy, 𝑈, and external work, 
𝑊: 

 
𝑈 = න 𝑃 𝑑𝑢௦

௨,



 (6.2) 
 

 𝑊 = 𝜆𝑃𝑢ௗ, (6.3) 
 

External work 𝑊 is the product of the level of rapidly applied gravity loading 

(𝑃 = 𝜆𝑃) and the corresponding maximum dynamic displacement (𝑢ௗ,), while 

internal energy 𝑈 is equal to the area under the capacity curve up to 𝑢ௗ,. The 

following diagram illustrates this point: 
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Figure 6.11: Energy balance approach (Izzuddin [1] ) 

The dynamic amplification factor may be calculated using the preceding 

principles by equating (6.2) and (6.3): 

 𝜆ௗ, = 𝑃ௗ/𝑃 (6.4) 

According to this, 𝑃ௗ is the dynamic load, i.e. the level of amplified loading 

that correspond to a dynamic displacement, computing as the point of the capacity 

curve corresponding to 𝑢ௗ,.  

The point on the capacity curve at which 𝑢ௗ, occurs is the dynamic load, 𝑃ௗ, 

which is the level of amplified loading corresponding to a dynamic displacement. 

In order to determine the amount of rapid gravity loading that was applied, 

denoted by the symbol P-o, this can be interpreted as being equal in magnitude 

but opposite to the reaction that was applied at the point where the column was 

removed, in accordance with the procedure that was implemented before. There 

are two possible outcomes: either the structure is able to withstand the removal of 

the column or the equilibrium is not reached under those loading-material 

conditions. In the first case the two curves of external and internal work find a 

point of intersection. 

Figures below shows a clear representation of the concept, following 

Izzuddin’s research on the left we can visualize a frame which find equilibrium 

after the removal of the central column, while on the right this doesn’t happen, the 

frame reach quickly collapse. 
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Figure 6.12: Energy curves: a) case where the equilibrium is reached b) case where the 
equilibrium is not reached 

It was discovered that the dynamic displacement, which corresponds to the 

displacement at the intersection point (𝑢ௗ,) and the corresponding loading 𝑃ௗ 

(using capacity curves) are obtained for all of the situations in which equilibrium 

is achieved. Afterward, the DAF is determined using the formula according to the 

previous step. 

For the other cases, where the intersection is not present, the DAF isn’t 

computed and it was critically decided to increase the load by steps of 5 per 

thousand until reaching the collapse 

Figure 6.13: DAF sampled values for Standard frame (on the left) and Improved frame (on the 
right) 

Figures 6.13 shows the values of the DAF as function of the number of 

simulations (from 1 to 100). On the left-hand side, the DAF regards the standard 

frame while on the right is shown DAF values about the improved one. 

In the former the maximum amplification coefficient is 𝜆௫ = 1.160, the 

minimum is 𝜆 = 0.930 and the mean value is 𝜆 = 1.035. Meanwhile in 
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the latter the maximum amplification coefficient is 𝜆௫ = 1.756, the minimum 

is 𝜆 = 1.614 and the mean value is 𝜆 = 1.692.  

It’s easy to understand that the improved frame will have a better robustness 

behaviour just by observing much higher values of DAFs. It is also interesting to 

notice that in the standard frame there are many cases where DAF is lower than 1, 

indicating that the capacity curve's maximum value is less than the dynamic 

gravity loading. From a physical standpoint, this indicates that the structure cannot 

withstand gravity loads alone, even if without the column loss. 

6.4 Analysis 2 - Reliability Analysis 

Evaluating the dependability of this building, which was built according to 

robustness and seismic standards, is the very last thing that has to be done in order 

to achieve the objective of this thesis. This step needs to be taken in order to be 

successful. In order to accomplish this, the information that were derived from the 

previous analyses (the dynamic amplification factors), are incorporated into each 

of the N simulations. Next, the stresses at the critical nodes of the frame are 

analised, and a local and then a global reliability assessment is carried out. 

The frames that will be investigated are the ones that do not have the central 

column. More information on the applied loads and analysis procedures will be 

presented in the following sections. 

6.4.1 Load cases in Atena 

The load instances analysed are shown in the table below. 

Table 6.5: Reliability analysis’s load cases 

Load case number Description 

1 Base support 
2 Self-weight 
3 Permanent structural loads 
4 Permanent non-structural loads 

5 Variable loads 
6 Amplified columns weight 
7 Amplified beams weight 
8 Amplified permanent structural loads 
9 Amplified variable loads 
10 Amplified permanent non-structural loads 
11 Temporary reaction 
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The self-weight is applied on the whole structure, as function of geometry and 

specific weight 𝜌. The other gravity loadings, defined in load cases 3,4 and 5, are 

applied as loads per meter on the upper horizontal lines of all the beams (apart 

from the variable loads where distinction is made between floors and roofing). 

The other load cases, i.e. from 6 to 10, regard only the lines of the beams of the 

central spans, since these are the only gravity loadings that should be amplified 

according to the DAFs previously computed. Finally, the temporary reaction is a 

load per meter applied oppositely to the gravity loadings, used to simulate the 

presence of the column. Thus, it is equal to the concentrated reaction 𝑃, divided 

by 0.6 m to obtain the load per meter, and applied at the line of the top of the 

column removed. 

The self-weight acts uniformly over the whole structure and based on its 

architecture and specific weight. The additional gravity loadings, as specified by 

load cases 3, 4, and 5, are applied to the top horizontal lines of all the beams as 

loads per meter. In the remaining load scenarios (6-10) only the centre span beam 

lines are considered, since these are the only gravity loadings that should be 

amplified according to the DAFs previously obtained. Lastly, the column's 

existence may be reproduced by a transient response, which is a load per meter 

imposed in the opposite direction of the gravity loadings. Accordingly, the 

concentrated reaction, 𝑃, divided by 0.6 m to produce the distributed load, and 

applied at the line at the top of the column removed is the value. 

6.4.2 Steps of the analysis 

The analytical phases contain different assumptions based on the simulations, 

i.e., whether the equilibrium has been found or not according to energy-balance 

calculations, and on the value of 𝜆. 

The procedure was divided into 3 different steps: in the first one, to simulate 

the presence of the column, the structure was loaded gradually in 10 steps by 

standard loads while the opposite reaction that would provide the column was 

present (the latter calculated 1 time for all frames through Ftool with reasoning on 

areas of influence). In a second phase the fictitious reaction was removed in 10 

steps of 10% each, finally only at this point the standard loads were increased by 

the dynamic factor DAF computed before. In the following pictures are presented 
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the two cases that I mentioned before about the theory of Izzuddin:  

- when the two curves of internal and external work intersect, then the 

load has been increased by the exactly value found in more steps. 

- when the two curves do not intersect, it has been critically decided to 

increase the load by steps of 0.005 each one until the collapse is 

reached. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

In each of the N simulations, the first 20 load steps are the same. For instance, 

in the first ten, the frame is fully loaded with gravity loadings and the presence of 

the column is simulated via a transient response. Ten more steps are performed 

after this to fully suppress the reaction, simulating column loss, while the gravity 

loadings stay constant. In order to prevent numerical issues brought on by high 

loadings, the current scheme of 10 stages with a multiplier of 0.1 has been 

Figure 6.14: Load amplification’s CCT format: simulations where equilibrium is reached (on the 
right); simulations where equilibrium is not reached (on the right) 

 

Figure 6.15: Scheme of the failure probabilities at each sub-section, standard frameFigure 6.16: Load 
amplification’s CCT format: simulations where equilibrium is reached (on the right); simulations 

where equilibrium is not reached (on the right) 
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established, with specific focus on the phase when the column is eliminated. 

Different assumptions have been evaluated beginning by analysis step 21 

depending on the simulations; in particular, an extra percentage of gravity 

loadings is introduced at this phase, but only on the center spans of the frame, as 

shown in the DAF discussion. If it is less than 1.0, as it is in certain circumstances 

where equilibrium has not been achieved, the structure is not likely to reach 

equilibrium even when subjected to static gravity loadings and will thus fail during 

the twentieth analysis step (even if without any accidental event). 

6.4.3 Outputs 

Once the analysis has been conducted, the strains at the nodes will be the 

result to be studied for all N simulations. TextPrintout provides this information 

by exporting the Principal Total Strains at each node from the stage in which the 

gravity loadings of the core spans are amplified. A Matlab function was then 

developed to process these figures. In specifically, the stresses at various locations 

within the structures have been taken into account using the following scheme: 

 

 

Figure 6.17: Strains evaluation’s visualization: section location (on the left); nodes’ location (on 
the right) 

The inner nodes of the confined concrete, which are represented by the letters 

J, K, L, X, Y, and Z in blue, are a portion of the dissipative zone of the beams. 

The remaining inner nodes (in blue) denoted by the letters C, D, E, Q, R, and S 

are also nodes of the confined concrete, but since they are a part of the column, 

the constitutive equation is different. The exterior nodes, represented by the letters 
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A, G, H, N, O, U, V, and BB in orange, define the concrete cover, or non-confined 

concrete. The reinforcing longitudinal bars are represented by the intermediate 

nodes (in green) that are indicated by B, F, I, M, P, T, W, and AA. In our study, 

we additionally took into account four nodes (I, M, W, and AA) that are a part of 

stirrups as well as four additional nodes (I, M, W, and AA) that are a part of wall 

iron reinforcement. 

In addition, a differentiation is established between the sections of the inner 

spans and the sections of the peripheral spans as follows: 

 
 

 

Figure 6.18: Scheme of the sections: indirectly affected members (on the left); directly affected 
members (on the right)  

 

6.4.4 Computation of 𝑷𝒇
𝒎𝒂𝒙: local probability of failure  

The strains that were collected as an output for each section have been 

compared with the ultimate strains of both the reinforcement and the concrete. 

This was done for each section individually. The ultimate strain that is intended 

to be applied to the concrete is the one that corresponds to the peak. The technique 

that was carried out is composed of the following steps: 

1) Since only the failure of concrete in compression needs to be evaluated, 

the data has been filtered to exclude nodes where the concrete is in tension, 

leaving a minimum realistic failure probability of 𝑃  = 10ି at these 

nodes. 

2) The values presented here do not take into account the nodes of the 

concrete cover, so the unconfined concrete, since the latter, despite being 
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lost in most nodes, is not a structural element that affects the overall 

stability of the entire frame. 

3) A convolution integral computation is used to determine the failure 

probability 𝑃 for each node. 

4) The maximum of the probabilities (𝑃
௫) is used to determine the local 

probability of failure for each section. The section is meant to be one of 

the surfaces that make up the overall node. 

 

The following equation shows how the convolution integral was employed 

for this situation: 

 

 𝑃 = 𝑃(𝑆 > 𝑅) = න න 𝑓ௌ,ோ(𝑠, 𝑟)𝑑𝑠𝑑𝑟


௦ୀିஶ

ஶ

ୀିஶ

 (6.5) 

where 𝑓ோ(𝑥) is the probability density function of the resistance 𝑅 (ultimate 

strains) and 𝑓ௌ(𝑥) is the probability density function of the demand S (strains at 

the nodes). The two PDFs are obtained respectively from the vector of the ultimate 

strain values, sampled 𝑁 times, and the strains taken as outputs from the 𝑁 FEM 

simulations. According to this, the convolution integral represents the probability 

that the strains at the nodes have reached or overcome the ultimate strains.  

where 𝑓ோ(𝑥) denotes the probability density function of resistance R (ultimate 

strains) and 𝑓ௌ(𝑥) denotes the probability density function of demand S. (strains 

at the nodes). The two PDFs are created by sampling the vector of ultimate strain 

values N times and using the strains as outputs from the N FEM simulations. This 

convolution integral reflects the probability that the strains at the nodes have 

reached or exceeded the ultimate strains. 
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Figure 6.19: Convolution integral for the maximum 𝑃  of directly affected sub-sections: beam 
confined concrete strain (on the left); beam reinforcement strain (on the right) 

 

 

Different situations have been observed: 

- For the sub-sections indirectly affected by the column loss, i.e. 

located outside the central spans, the 𝑃
௫  is lower than the 

limiting value everywhere for both the design frames 

- Talking about the standard frame (Frame 1), for the sub-sections 

directly affected by the column loss (Figure 6.186.19), i.e. located 

inside the central spans, the 𝑃
௫   is always different than zero 

and with larger values, especially in the first floor, for the 

longitudinal reinforcement of the beams. While it is lower than the 

limiting value on the columns’ nodes. 

- Talking about the improved frame (Frame 2), for the sub-sections 

directly affected by the column loss (Figure 6.186.20), i.e. located 

inside the central spans, the 𝑃
௫   is lower than the limiting value 

everywhere, with exception of the first floor where 𝑃
௫    is 

comprised between 10-16 and 10-7, for the longitudinal 

reinforcement of the beams. While it is lower than the limiting 

value on the columns’ nodes. 

 



 

139  

This can be observed in the following schemes: 

In addition, the observations presented in Figure 6.21 and Figure 6.22 

demonstrate that, among the nodes of the central spans, there is a greater local 

probability of failure at the bars close to the joints beam column, and in particular 

in correspondence of the lateral pillars. This is as a result of the fact that 

plasticization takes place in order to make allowances for the displacement of the 

nodes in locations where the column has been removed. How we could expect, 

Figure 6.21: Scheme of the failure probabilities at each sub-section, standard frame 

 

Figure 6.20: Scheme of the failure probabilities at each sub-section, improved frame 
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larger values of 𝑃
௫  can be observed for the standard frame. These are, in fact, 

the things that are emphasized the most in these 3D visualization graphs. 

 

Standard Frame: 

 

 

Figure 6.22: Failure probabilities and reliability indices of the standard frame’s nodes: a) 3D plot 
of 𝑃; b) 3D plot of 𝛽; c) Contour plot of 𝑃; d) Contour plot of 𝛽 

Improved Frame: 
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Figure 6.35: Failure probabilities and reliability indices of the improved frame’s nodes: a) 3D 
plot of 𝑃; b) 3D plot of 𝛽; c) Contour plot of 𝑃; d) Contour plot of 𝛽 
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7 Conclusions 

This thesis study focused on a technique for assessing the reliability of 2 

frames constructed with different design criteria in the seismically active city of 

L'Aquila. 

The structural details has first been computed using capacity design and code 

requirements, using a design working life of 50 years. Starting from 

considerations taken from “Robustness assessment in reliability terms of 

reinforced oncrete structures in seismic zone”, E. Miceli [45], two differents frame 

had been analysed: the fist one designed literally following Italian and European 

code rules, while the second follows some robusteness improvements. In 

particular, the robustness has been enhanced by creating continuity of the bars 

along each beam, symmetry of the bars between the upper and lower chord and 

equality of the bars between the floors. 

A probabilistic method has been adopted by sampling 10 basic variables with 

100 values each: both material resistances and action loads. 

By simulating the removal of the center column, a Static Non-Linear Study 

has been assessed as the most effective technique to carry out the reliability 

analysis. This has been done using the ATENA 2D program. With a preliminary 

analysis, the Pushdown, have been computed Dynamic Amplification Factors 

(DAFs) using a energy-balance method (“Progressive collapse of multi-storey 

buildings due to sudden column loss - Part I: Simplified assessment framework”, 

B. A. Izzuddin et al.[1]). 

Then through a reliability analysis, by removing the central column and 

amplifying the loads only on the central spans of the frame, the results found in 

terms of probability of failure have been analysed, by comparing the ultimate 

strains with the strains at the nodes, for all the sections at the joints beam-column 

of the frame. This has highlighted that:  

• The most stressed joints at the base are the two central ones: it is 

observed that the element in crisis is the longitudinal reinforcement 

towards the center of the frame, this underlines how equilibrium is 

reached during the 'first phase' in which the pillars act as a contrast to the 
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central beam that 'pushes' outwards after removing the column, that is, 

when the catenary mechanism has not yet developed. 

• As we expected the frame designed according to criteria of robustness 

leads to values of Pf much lower than the frame designed according to 

codes criteria. 

• Taking into account the iron cover, almost all the points have a Pf > 10-1 

so it was decided not to take it into account since the loss of it does not 

lead to the collapse of the building 

• The most stressed joints and consequently with a major Pf are those 

corresponding to the two central spans straddling the point where the 

column is removed: here the longitudinal reinforcement irons are more 

stressed, another confirmation of the fact that the catenary mechanism 

has not yet been established (this in large displacements could put in 

crisis by traction even the wall irons because they are smaller in diameter 

and quantity than the longitudinal reinforcement). 

• The frame designed according to robustness criteria has very low Pf 

values, not associated with a generalized collapse mechanism. We can 

therefore summarize that from this analysis the second frame turns out to 

be 'SAFE' against the removal of the central column at the base of it  
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